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Abstract
Concrete block retaining (CBR) walls are a very popular retaining system, frequently used
throughout South Africa on a variety of developments. In general, these structures are
considered to be very simple, however, the design can become quite complex. The design
becomes critical for higher walls, particularly for walls in excess of 8.0m. Unfortunately, these
principles aren’t always well-understood, with walls often constructed without fully
considering all the appropriate aspects of the design. As a result, failures are a far too common
occurrence.
The SANS 207:2011 document provides general guidelines for the design and construction of
reinforced soil and fills. This guideline is, however, very long and complex and more suited
towards larger, more intricate, soil stabilisation systems. Therefore, the need exists for a simpler
design guideline for common reinforced soil structures, specifically concrete block retaining
walls. This paper aims to provide simple, yet effective, guidelines for the design of concrete
block retaining walls and therefore serves as a condensed design manual and a reference guide
for routine retaining wall designs.
Keywords: CBR walls, internal stability, external stability, global stability.

1 Introduction
Generally CBR walls are required to provide additional space for construction (i.e. walls
against cut faces and in front of fill platforms), and the walls are constructed in one of two
configurations:
The first is a block-only configuration where the weight of the concrete blocks are adequate to
provide restraint to the slope to be retained. Usually this configuration is used for fairly small
walls (i.e. less than 3.0m in height) depending on the type, and hence weight, of blocks used.
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For higher walls, geosynthetic reinforcing is required, essentially becoming the most critical
part of the retaining wall. Even though the concrete blocks do add weight to the wall,
contributing to the retaining action, in this instance the geosynthetic reinforcing would do the
bulk of the work and the concrete blocks act more as a facing than a structural element. An
example of geosynthetically reinforced concrete block retaining wall is shown in Figure 1.

Figure 1. Example of CBR wall

1.1 Uses of concrete block retaining walls
Concrete block retaining walls are reasonably versatile structures, and generally provide a more
cost effective solution when compared to reinforced concrete walls or gabion structures.
The main use of concrete block retaining walls is in a retaining function. Another popular use
for CBR walls is in an attenuation pond application. The design of these walls do not vary
immensely from the design of conventional walls, with the main difference being the
requirement to protect the wall and backfill material from the effects of rapid drawdown of the
water retained.

2 Design of concrete block retaining walls
The design of concrete block retaining walls is characterised by three distinct stability criteria;
these being internal stability, external stability and global stability. For these methods of
analysis, the shear strength required to maintain a condition of limiting equilibrium is compared
with the available shear strength, giving an average factor of safety along the failure surface as
below (Shukla and Yin, 2006):
FOS =
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(1)

In the stability design of concrete block retaining walls, the available forces for equilibrium are
calculated so that it exceeds the required force at a suitable factor of safety, usually 1.5. All
potential failure mechanisms must be considered in design.
The basic assumption in design is that the backfill to the wall is a free draining granular
material, typically of at least G7 quality. The wall movement during or after construction is
such that active pressure conditions are introduced.
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2.1 Internal stability
Internal stability mainly refers to the tension and pullout resistance of the geosynthetic
reinforcement, length of geosynthetic reinforcement and integrity of the concrete blocks
(Figure 2).

Figure 2. Example of internal failure modes: a) reinforcement rupture,
b) reinforcement pullout, c) concrete blocks failure (Shukla and Yin, 2006).
The internal equilibrium, specifically due to the geosynthetic reinforcing, can be checked using
an idealised case, with walls subject to uniform vertical surcharge but no concentrated loads.
The most critical mechanism through the toe is a plane wedge at an angle, 3 = 45 6 % 798 to
the horizontal, which defines a region of high reinforcement forces behind the wall face, (Zone
1, the area OCF in Figure 3).

Figure 3. Analysis of internal equilibrium in a reinforced soil wall (Jewell, 1996).
The gross, maximum required force for internal equilibrium at a depth z, is:
:P;"- <*> = % K ? @
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Where the unit weight is denoted by%F, the design angle of friction, 7, surcharge by E, the active
earth pressure coefficient, K ? , is for the reinforced fill, and there are no pore water pressures
in the soil. The formulation for K ? , as originally derived by Coulomb (1776) and as reported
in Lambe and Whitman (1969), detailed below, may be used:
K? = % G

H1 "HI% *':IJL<

M *':INO<N%Q

RST:UVW<RST:WXS< [\B
Z
RST:YXS<

C

]

(3)

Where b is the wall angle to the horizontal, and i is the upper slope angle. For unreinforced
walls d is the interface friction angle between soil and concrete blocks, while for reinforced
walls d =%7, as the interface is now soil/soil and not soil/concrete.
The force required from the geosynthetic reinforcing can be determined from the stress ^!,
which increases linearly with depth in the fill (Figure 3). The geosynthetic reinforcing is
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required to perform adequately, prior to movement occurring, and therefore the at-rest
condition is used in this regard:

Where:

^! = K _ %F%z

(4)

K _ = ` a sin7

(5)

Now at depth z of reinforced fill, the force due to σh must be resisted by the tension in the
reinforcing. Thus at depth z, the tensile force that must be provided by the reinforcing (per unit
length of wall) is:
b = % ^!%v = % K _% F%z%v

(6)

Where v is the spacing between reinforcement layers.
This maximum force will develop along a line detailed as the “locus of maximum tension”
(Figure 6). It must be resisted by the bond length Lb, given by:
c, = % C%e

d

f %&#'%Ogh %

(7)

Where: δ gr is the interface friction between the geosynthetic reinforcing and soil.
There are numerous factors affecting the performance of the geosynthetic reinforcing and
therefore adequate factors of safety must be provided for bond length and tensile force in the
geosynthetic. It is suggested that the maximum allowable force in the geosynthetic is limited
to the long term design strength. Rigorous calculations may be performed to determine the
allowable tensile force more accurately, but in general, the class of geosynthetic reinforcing is
not a governing financial factor. However, an important factor to bear in mind when deciding
on the class of geosynthetic reinforcing, is the amount of movement required to generate force
in the fabric.
SANS 207:2011 suggests a minimum reinforcing length equal to 70% of wall height. This is
suitable for larger, more complex structures, but may be reduced if deemed appropriate, after
thorough analysis.

2.2 External stability
The external stability of the retaining wall is defined by the resistance to sliding and overturning
of the wall, considering the reinforced zone as a rigid block (Figure 4).

Figure 4. External failure modes: a) sliding; b) overturning (Shukla and Yin, 2006).
The main factors contributing to this stability is the weight of the wall (blocks and reinforced
zone, if applicable). The stabilising and destabilising forces should be determined and
compared, with an appropriate factor of safety achieved in design.
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This active force on the back of the wall is evaluated as:
P? = % K ? @
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(8)

For the unreinforced wall as detailed in Figure 5, the factor of safety against overturning of
the wall is given by:
o&#,*+* *'(%p1q"'&
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Where P?j and P?• are the horizontal and vertical components respectively of the active
force%P? . Resolving for these forces we obtain:
lmd = %
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(10)

Figure 5. Unreinforced wall design.
The factor of safety against sliding of the wall is given by:
lo„ = %
lo„ = %
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For a reinforced wall as depicted in Figure 6, the active thrust against the back of the reinforced
section may be determined as for an unreinforced wall (but with 7 replacing δ).
The factor of safety against overturning is given by:
lmd = %

?N†N‡
r

(12)
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Where in this case:
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(13)
(14)
(15)
(16)

Figure 6. Reinforced wall design.
The factor of safety against sliding of the wall and reinforced soil block is given by:
lo„ = %
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No allowance is made for the effect of cohesion in the backfill material. If required, limited
values of cohesion may be considered in design. Unfortunately cohesion is too easily affected
by external factors, such as water and drainage, for a representative cohesion value to be used
in design and heavily relied on for stability.

2.3 Global stability
The last criteria to be met is global stability, with the possible failure characterised by
movement of the entire system usually by means of a slip circle failure passing through either
the unreinforced and the reinforced zone, as it is shown in the Figure 7.

Figure 7. Slip circle failure (Shukla and Yin, 2006).
Global stability is best checked using Finite Element Analysis (FEA), since it is possible to
generate a simulation of multiple complex failure mechanisms. Finite element analysis is
generally based on a quasi-static continuum mechanics approach in which stresses and strains
are calculated. Since reinforced soil exhibits large deformations it is appropriate to adopt a
nonlinear soil model for the stress-strain analysis with a suitable failure criterion (e.g. MohrCoulomb Criterion).
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In a global stability analysis more than one slip failure surface is analysed, with the critical
failure surface being the one with the lowest value calculated for the factor of safety. For many
CBR walls the governing design criteria is global stability. When only considering overturning
and sliding, generally, shorter lengths of geosynthetic reinforcing is required. However, a deepseated slip failure may occur, which would only be identified using FEA software.
An example of a FEA result indicating a deep-seated slip surface can be seen in Figure 8 below.

Figure 8. Example of a global stability analysis.
Unfortunately, it appears not to be standard practice to check the global stability of CBR walls.
It is essential to remember that even if the design checks for overturning and sliding are
satisfied, a global stability analysis is always required, especially for walls in excess of 6.0m
high. This is to check the possible slip circle failure that passes around the reinforced zone and
that the reinforcement length is adequate. The failure mechanism may also be affected by
external factors such as increased surcharge and slopes on the toe and crest.
In addition to determining the global stability, FEA software has the ability to take multiple
factors into account. The effect of cohesion, groundwater seepage, complex surcharge, seismic
loading etc, can be accurately modelled and the effect on stability of the CBR wall determined.
When no geotechnical information is available for the site, representative strength parameters
have to be estimated for the design, but they need to be checked during construction.
In addition, the shear strain distribution found in a global stability check can be used to
determine the reinforcing type needed to ensure the wall stability. This is an important aspect
for optimising the design and can to be taken into consideration to mitigate the cost of the wall.

3 Case studies
In recent years, there has been an increase in the number of failures of concrete block retaining
walls to the extent that ECSA’s (Engineering Council of South Africa) Investigating Committee
has identified these walls as problem structures. The failure of these walls is usually attributed
to construction or design deficiencies. Two cases are discussed below, with different reasons
for failure.
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3.1 Case 1 – Concrete block retaining wall: Collapse
In this case, a portion of a CBR wall collapsed (Figure 9) because of both inadequate design
and incorrect construction. This wall was between 4.0m and 8.0m high, and was constructed at
70° using TB490 blocks in an "open face" configuration.

Figure 9. Collapsed wall.
According to the original design, 2.5m long strips of Polyfelt Rock GX100 had to be placed
every fifth row of blocks. After the collapse, when the blocks where removed, it was observed
that no geosynthetic strips were actually placed behind the wall. Regardless, the design length
wouldn’t have been sufficient to guarantee the wall stability as original design allowed for 2.5m
long strips (i.e. only 31.25% of the retained height).
Additionally, placing the geosynthetic strips every fifth row of blocks, which is quite a wide
spacing, reduced the effectiveness of the reinforcing. In this case, the slip failure surface could
pass through the reinforced zone without being intersected by the strips.
The mistakes made on this project can be summarised as follows:
Vertical spacing of geosynthetic reinforcing too large.
Length of geosynthetic reinforcing too short.
Inadequate supervision during construction, hence the missing geosynthetic strips.

·
·
·

The only solution in this case was to demolish and rebuild the CBR wall correctly, with
adequate reinforcing at a suitable vertical spacing.

3.2 Case 2 – Concrete block retaining wall: Excessive displacement
In this case, the CBR wall was 3.5m high, constructed at 80°, reinforced with RockGrid
PC100/100 geosynthetic strips placed every 3rd row of blocks and subject to a minimum
reinforcing length of 2.5m behind the blocks. In addition to this, the top 1.5m of backfill
material was stabilised up to a storm water pipe approximately 3.0m behind the crest of the
CBR wall.
A portion of a concrete surface bed directly above the concrete block retaining (CBR) wall was
showing signs of distress, and movements occurred along the entire wall length. The concrete
surface bed moved approximately 30mm horizontally towards the CBR wall, and vertically
upwards by approximately 10mm. Following this distress, a line of concrete surface bed panels
behind the wall, 35-40m in length, were broken out. Within this exposed zone, there appeared
to be a tension crack running parallel to the CBR wall, approximately 3m behind the top of the
wall, with this tension crack roughly above a sub-surface storm water pipe (Figure 10).
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Figure 10. Tension crack along the entire wall length, above a sub-surface storm water pipe.
The original design was reviewed using finite element analysis software. The CBR wall was
checked for three different load conditions: 20-ton vehicle load, 50-ton vehicle load and a
nominal surcharge of 10kPa, using an ru= 0.1 to reflect little to no ground water in the fill.
In all cases the finite element analysis yielded a factor of safety considerably higher than 1.5.
Given that the design of the CBR wall appeared adequate, external factors were considered to
explain the movement in the retaining wall. The most pertinent of these was the storm water
pipe that ran parallel to the affected CBR wall. In this case the presence of the stabilised fill
towards the top of the wall prevented water from draining freely out the CBR wall, developing
hydrostatic pressure against the stabilised fill and encouraging water to flow along the backfill
around the storm water pipe.
Therefore, to investigate this scenario another finite element analysis was conducted. In this
case, a nominal surcharge of 10kPa was applied throughout with the ru increased to 0.5 to reflect
saturation of the backfill. Hydrostatic pressure was also added behind the stabilised fill at the
top of the wall.
The finite element analysis for this scenario yielded a factor of safety of 1.15. This suggests
that while the wall in relatively dry conditions is perfectly adequate, saturation behind the
stabilised fill reduces the factor of safety to 1.15, which is less than the temporary minimum
requirement of 1.3. In addition, the expected movements are reasonably high, and correlate
well with the movements observed on site. The FEA result is shown in Figure 11.

Figure 11. Wall displacements.
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In this case, the wall failed in the serviceability state, with an increase in horizontal
displacements between dry and saturated case. This was calculated at approximately 20mm to
25mm. It is interesting to note in this case that the addition of stabilised fill, however well
intentioned, actually contributed to the failure of this wall.

4 Conclusion
After some case studies of failed CBR walls were reviewed, a few common trends and aspects
that typically cause problems have been identified.
Many of the failures of CBR walls are the result of water ingress from external and internal
sources, leading to the formation of a slip plane behind, through or beneath the walls. In some
cases, the walls were extended beyond their original design height or subjected to surcharge
loading for which they were not designed. Internal instability problems were common due to
inadequate reinforcement design and installation.
The quality and compaction of the backfill is another recurring problem. All too often, material
available on site is used as backfill without due regard to its drainage characteristics, strength,
compaction requirements and sensitivity to water ingress.
Typical design related issues include incorrectly assumed soil properties, inadequate provision
for surface and subsoil drainage, and incompatibility of the design with the actual conditions
on site. Other issues attributable to the designer include inadequate construction monitoring
and poor standard of the construction drawings.
Design parameters for in situ soils and the backfill are often assumed without any testing and
without the necessary inspections and site control during construction. In some cases, it may
happen that designers lacked a basic understanding of soil mechanics principles and the manner
in which walls act, and some designers make use of empirical methods without understanding
their limitations.
Furthermore, it is highly recommended that finite element analysis software is utilised to
confirm hand calculations – specifically for larger walls where global stability is very often the
governing stability criteria.
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Abstract
Full scale testing of road pavements can be costly and time consuming. There are also
difficulties observing and understanding the failure mechanisms and damage accumulation of
road pavements under numerous load cycles. Centrifuge modelling of scaled down road
pavements solves some of these problems. It has been proposed that centrifuge testing of ultrathin continuously reinforced concrete pavements (UTCRCP) is done. Research has been done
on scaling down the concrete, but it is also necessary to scale down the base material. Triaxial
tests were done on three soil samples for which the grading was truncated to different maximum
particle sizes (6.35 mm, 2.0 mm and 1.18 mm). It was found that the shear strength parameters
as well as the Young’s modulus for the tested grading range did not change significantly due
to the change in grading for the three samples.
Keywords: grading analysis, triaxial test.

1 Introduction
1.1 Background
Road pavements typically consist of compacted layerworks with a rigid or flexible surfacing.
Full scale testing is common practice for road pavement analysis. The benefits of doing scaleddown testing of road pavements have become apparent. This is partly due to the savings in costs
by building smaller models. Parametric studies can be done on smaller models since the
turnaround time between testing and sample preparation is shorter, allowing more tests to be
done in the available time. Variables, such as soil compaction and moisture content, can be
better controlled in smaller models. Environmental effects can be better controlled according
to the needs of the experiment during small scale testing.
It has been proposed that centrifuge tests of scaled-down ultra-thin continuously reinforced
concrete pavements (UTCRCP) are done. This would result in the concrete layer in the
centrifuge model being much thinner than the actual size used for the full-scale pavement. The
concrete mix design would have to be altered so that smaller aggregate and reinforcing steel
can be used. Research has been done and concrete slabs have been developed that are scaleddown and yet represent the behaviour and strength of the full-scale concrete adequately
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(Kearsley et al., 2014). The soil layerworks for UTCRCP are typically 150 mm thick. The
layers in a 1:10 centrifuge model would be 15 mm thick. The maximum aggregate diameter on
compacted road layerworks is 0.25 of the layer thickness. This rule would have to be applied
to the scaled-down model too. It is therefore necessary to investigate whether, and by how
much, the properties of the material used in the layerworks changes if the maximum aggregate
diameter is restricted to a smaller value. This research stemmed from that problem.

1.2 Centrifuge Testing
Self-weight is an important factor to consider when modelling geotechnical problems
(Schofield, 1980). This is because the behaviour of geotechnical materials is heavily dependent
on the stress state imposed on the soil. This is an intrinsic property of model size. The size of
the problems that need to be modelled in the field of geotechnical engineering makes it
necessary to scale them down. If the model is scaled down, the stresses in the soil are not
proportional. It is therefore necessary to keep the stress state in the soil the same by increasing
the self-weight of the model. This can be done in a centrifuge.

1.3 Triaxial Test
Laboratory testing of soils is an important part of the material characterisation of a geotechnical
problem. The triaxial test is a common method of testing soils in a controlled environment. The
sample’s consolidation parameters, permeability, strength and stiffness can be acquired from
the triaxial test. A stress path can also be imposed on a sample and the response thereof can be
observed. The triaxial test also allows control over drainage. The pore pressures, volumetric
strains and axial strains can be easily measured. There is also control over the applied principal
stresses. This, combined with its versatility, makes it a popular test method for soils (Bishop &
Henkel, 1962).

1.4 Particle Size Distribution of modelled materials
The particle size distribution (PSD) of a soil influences the shear resistance and deformability
of a material. This is because it determines the number of inter-granular contact points (Linero
et al., 2007). It also determines the density to which a soil sample can be compacted to.
The particle size distribution of the coarser particles can be determined by a sieve analysis.
Various methods are used to determine the grading of the finer components.
The maximum particle size has to sometimes be limited. This could be due to a limitation in
apparatus size. It could also be because a scaled-down model is being tested. There are two
basic methods which can be used to change the grading of a material in such a way as to limit
the maximum particle size. The “truncated” scaling method involves removing all the material
over a certain particle size. The “parallel” scaling method results in a PSD curve that is parallel
to the PSD of the original field sample. The sequence of grain sizes is maintained and the result
thereof is a true scaling of the material (Lee, 1986; Verdugo & Gesche, 2003).
When scaling the grading of a material down, it is important to realise that the various portions
of the material in the grading curve do not all have equal contribution on the behaviour of the
material. This can be illustrated with clay. A small change in the amount of clay in a material
can have a significant change in the behaviour of that material. When using the parallel grading
technique, the fine material is changed from silt to clay (according to particle size). This is a
disadvantage of using this method for scaling down materials.
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2 Experimental Procedure
2.1 Material
The material for the samples was acquired from a road construction site on the N1 highway
near Trompsburg. It was classified on site as a G7 base material. This means that it is a natural
material (soil, sand or gravel) with a plasticity index of less than 12 and a grading modulus
between 0.75 and 2.7 (COLTO, 1998). The MOD AASHTO density was 2385 kg/m3 and the
optimum moisture content was 5.3%. The grading curve of this material is shown in Figure 1.

Figure 1. Grading curves of the original sample.

2.2 Experiments
Three samples were made from the sample obtained from site. To ensure that each sample
created from the original sample was representative of the original sample, a sample splitter
was used. The original batch was split into two halves. These were then also split into two. This
resulted in four samples being created, of which three were used in the experimental procedure.
The truncated grading method was used rather than the parallel grading method. The first
sample (Sample A) was truncated to 6.35 mm, the second (Sample B) was truncated to 2 mm
and the third to 1.18 mm (Sample C). The specimens tested in the triaxials were created from
these three samples. The grading curves of the three samples are shown in Figure 2.

Figure 2. Grading curves for the three truncated samples.

25

9th SAYGE Conference 2017

2.3 Experimental Setup
Consolidated undrained triaxial tests were performed on samples with a diameter of 50 mm and
a height of 100 mm. Samples were prepared to a target dry density of 2000 kg/m3. This target
density was determined by compacting samples with varying moisture contents, using
conventional triaxial preparation equipment and using maximum compaction effort.
The samples were first saturated until a B value of at least 0.96 was achieved. Thereafter,
samples were consolidated at effective stresses of 100, 300 and 500 kPa. Drainage during
consolidation was provided for through a porous disk at the top and bottom of the sample.
Samples were then sheared at a rate, determined by the time taken to consolidate, of
0.1 mm/min. The confining pressure for each sample was the same as the effective stress at
which it had been consolidated to. The naming of each sample indicates this (e.g. A_300 is
truncated to 6.35 mm and consolidated at 300 kPa). The load, axial displacement and pore
pressures were recorded. Tests were ended once a displacement of 15 mm had been reached. A
summary of the samples tested is given in Table 1 below.
Table 1. Properties of the prepared specimens.
Sample

A_300
A_500
B_100
B_300
B_500
C_300
C_500

Dry density of
prepared
sample (kg/m3)
2009
2015
1980
1964
1975
1997
1997

Moisture
content (%)
4.8
4.8
7.4
7.4
7.4
6.6
6.3

3 Results
3.1 Shear Strength Parameters
The shear strength of the soil was determined by plotting the Mohr-Coulomb line for each
sample and the friction angle (ϕ) was calculated. This required at least two samples tested at
different effective stresses. The shear strength of the soil determines the bearing capacity of
the soil as well as the failure mechanism that will develop. Only one specimen was tested at a
confining stress of 100 kPa.
The following figures show stress paths of the triaxial tests. Sample A (Figure 3) was slightly
denser than the other two samples, but it is interesting that Samples B and C (Figures 4 and 5
respectively) show a stronger dilatant behaviour. The Mohr-Coulomb line was fitted through
the estimated failure points. This allows the friction angle (ϕ) to be calculated. Although the
friction angle is sensitive to the estimated best fit line through the failure points, it remained
within a range of 38.5° and 39.5°.
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Figure 3. Stress path and Mohr-Coulomb failure envelope for Sample A.

Figure 4. Stress path and Mohr-Coulomb failure envelope for Sample B.
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Figure 5. Stress path and Mohr-Coulomb failure envelope for Sample C.
The shear strength parameters are summarised in Table 2 below.
Table 2. Friction angle (°) for the three samples.
Sample

A
B
C

Maximum
particle size
(mm)
6.35
2.00
1.18

ϕ (°)

38.7
39.4
38.7

3.2 Young’s Modulus
The stiffness of the soil determines the deformability and compressibility of the soil. Road
pavements undergo recoverable and irrecoverable deformations. To fully understand this
behaviour of soils, cyclic testing needs to be conducted to find the resilient modulus (the
stiffness of the soil calculated from resilient or recoverable strains) and the accumulation of
plastic strains over numerous load cycles. It can be argued that the elastic portion of the
stress-strain behaviour of the specimens during a single loading sequence is indicative of the
resilient modulus of the soil. The stiffness of the specimens was calculated from the axial
strain and deviatoric stress data obtained during the triaxial tests. The stress-strain behaviour
of the specimens is grouped according to material grading and shown in the following
figures. Figure 6 shows the stress-strain behaviour of the three samples at a confining
pressure of 500 kPa, Figure 7 shows the same for a confining pressure of 300 kPa and Figure
8 shows the stress-strain behaviour of a sample confined at 100 kPa. All the curves, except
for
C_300 kPa, show a strain softening behaviour in the plastic range. The calculation method of
the material stiffness is also shown on the graphs. Figure 9 shows the relationship between
stiffness and confining pressure. It can be seen that, although there is a clear relationship
between stiffness and confining pressure, the stiffness of the material remained the same for
different gradings at the same confining pressure. The materials also exhibited strainsoftening behaviour. At the same confining pressure, the transition from elastic to strainsoftening behaviour occurred at a higher deviatoric stress for the material with a smaller
maximum particle size.
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Figure 6. Stiffness of three specimens with different grading at a confining stress of 500 kPa.

Figure 7. Stiffness of three specimens with different grading at a confining stress of 300 kPa.

Figure 8. Stiffness of the specimen tested at a confining stress of 100 kPa.
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Figure 9. The influence of confining pressure on material stiffness.
In addition to the triaxial test, a cobble (75 mm in diameter) as well as a portion of the finest
material from the material obtained from site was taken for X-ray diffraction to determine
their mineralogy. This was done to determine to what extent the mineralogy of the material
was changed if the portion with the larger particles was removed. A road building material,
such as the G7 used in this test, is often a blended material in which gravels, sands and finer
material are mixed together. These may not necessarily all come from the same source and
may therefore have different mineralogy. The coarser particles could compose of a different
mineralogical composition to the fines. Removing some of the coarse material could change
the overall mineral composition of the mixed material. This would be of particular interest
if the material would be used in a stabilised base layer. Of the minerals listed the one that
with greatest proportional change is smectite. This mineral represents the clay portion of the
material. The portion of clay mineral in the fine material is almost 8 % higher than the stone.
Table 3. XRD results for the finest and coarsest portion of the material obtained from site.
Percentage by weight (%)
Mineral

Diopside
Enstatite
Ilmenite
Plagioclase
Quartz
Smectite

Fine portion of
original site
sample
17.9
6.64
0.84
50.7
8.10
15.8

Stone from
original site
sample
26.0
5.92
0.77
55.0
3.61
8.79

4 Discussion
The research conducted looked at the influence of changing the maximum particle size of a
material on its behaviour. Samples truncated to 6.35 mm, 2.00 mm and 1.18 mm were
considered. It is important to note that these maximum particle sizes are already much smaller
than the original sample obtained from site which contained particles of up to 75 mm in
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diameter. This was due to a restriction in the size of the triaxial apparatus used. It can be argued,
however, that the interaction between particles is largely determined by the matrix between the
particles. If there is minimal contact between the coarser particles (if the finer particles
adequately fill the spaces between larger particles), the removal of the coarser particles would
not have significant influence on this matrix. It is recommended that these tests are repeated
for the original sample obtained from site. The influence of scaling-down the material will then
be better understood if the Mohr-Coulomb failure envelope for both the actual road building
material as well as the scaled-down materials can be compared. Large triaxial tests have been
done successfully on samples with a maximum particle diameters of up to 200 mm for waste
dump material from copper mines (Linero et al., 2007).
The triaxial tests were performed with a single load increment. This can adequately give the
friction angle of the material. The transient behaviour of the material under repetitive loading,
typically what a road pavement material is subjected to, would be better understood had cyclic
tests been done. Repeated load triaxial tests or hollow cylinder tests would be able to reveal the
transient properties of the stiffness and the friction angle of the material. The resilient modulus
as well as the accumulated plastic strain will also be obtained from the tests. This could then
be compared for materials with different maximum particle sizes.
The density for the samples in the triaxial tests was determined by compacting the material at
various moisture content using maximum compaction effort with a conventional triaxial
preparation hammer and mould. This did not follow standard MOD AASHTO procedure. It is
recommended that the MOD AASTHO density of the scaled-down material is first acquired
before further experimental work is done using this material.

5 Conclusions
The aim of this research was to determine to what extent changing the maximum particle size
of a granular material would change its behaviour in terms of road building material. For the
range of material sizes tested, the following conclusions can be made:
1. The friction angle (ϕ) of the material measured in undrained triaxial tests was not influenced
by the maximum particle size for the range of particle grading considered.
2. The stiffness of the material was independent on the maximum particle size, but directly
proportional to the confining stress.
3. The stress at which samples changed behaviour from elastic to strain-softening increased
as the maximum particle size decreased.
4. The clay portion, which can often determine the behaviour of a material, will increase
proportionally as the larger grains are removed to scale-down the material.
From this study it can be concluded that changing the grading of a road base material for scaled
down centrifuge model by truncating the particle size distribution does not significantly
influence the shear strength and Young’s Modulus of the material. This behaviour is restricted
to the range of particle sizes tested in this study.
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Abstract
The Secondary Permeability Index (SPI) is a permeability-based rock mass classification,
which when complemented with the degree of jointing can be employed as an approximation
to the ground treatment design. The aim of this research is to verify the ground treatments as
proposed by the SPI at the De Hoop dam, based on detailed mapping of the foundation rock,
and water pressure tests conducted in grouting boreholes. These are compared to grout takes
and respective mixes, which are evaluated against boreholes drilled during the final
investigation. Overall, the degree of jointing inferred from the success of the grout showed that
most compared boreholes validated the ground treatment as proposed by the SPI. Successful
thin mixes coincide with minor fault zones, and very closely jointed gabbro, whilst
unsuccessful thin mixes are associated with the contacts of dolerite intrusions, where thick
mixes were successful. Unsuccessful thick mixes are mostly attributed to major fault zones.
Keywords: Water pressure test, Secondary Permeability Index, dam foundation, permeability.

1 Introduction
The process of the design of a grout curtain is to initially conduct water pressure tests (WPT)
during the final investigation stage to help assess the potential for seepage loss after reservoir
impoundment, and can be constantly proven and adjusted if necessary by conducting WPT’s
during the construction phase. Foyo et al. (2005) presented the Secondary Permeability Index
(SPI) as a method to classify a rock mass in terms of its permeability, and zone the dam
foundation according to different quality classes. The classification differs from other
geomechanical classifications, as it does not reflect the strength of the intact rock, but instead,
it defines the quality of the rock mass based on the permeability of the discontinuities from
WPT. Complemented with the degree of jointing of the test section, the classification can
further be used as an approximation of ground treatment. Previous published case studies (e.g.
Foyo et al., 2005, Sadeghiyeh et al., 2013, Azimian and Ajalloeian, 2015) have used the degree
of jointing from borehole core, drilled during the final design investigation stage. However,
during the construction phase grout boreholes are typically percussed, and as such the degree
of jointing is not directly known. Nevertheless, by following the methodology of the SPI, the
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success of a grout and its mix can be used to infer the degree of jointing in the borehole. In this
regard, the aim of this paper is to back-analyse and verify the ground treatments as proposed
by the SPI, at De Hoop Dam, in South Africa. To realise this aim, detailed mapping of the
foundation rock mass is conducted together with single-pressure WPT in 204 primary grouting
boreholes drilled along the dam axis, for curtain grouting purposes. These WPT results are used
to calculate the SPI, and zone the foundation accordingly. Furthermore, data obtained from the
primary grout holes are evaluated, together with results from 32 boreholes from the final
exploration phase drilled along the dam axis.

2 Geology and Hydrogeology
The geology of the De Hoop dam site is that of the 2.05 Ga Bushveld Complex, of which the
reservoir basin is underlain by rocks of the Upper Zone, whilst the centreline of the dam wall
footprint consists of rocks of the Main Zone, both of the Rustenburg Layered Suite (RLS). The
Main Zone consists of a thick succession of norite and gabbronorite, with minor anorthosite
and pyroxenite layers (Cawthorn et al., 2006). The Steelpoort Fault runs approximately 0.5 km
north of the site and is associated with the NE-SW extensional features of the eastern
compartment. A cross-section showing the major geological features within the foundation
rock mass is shown in Figure 1.

Figure 1. Simplified cross-section along the dam wall showing major geological features.
The yield potential of the rocks of the RLS is classified as poor, with typical depths to
groundwater of between 10 to 20 m below surface (std. dev. of 8 to 15 m). Groundwater
occurrence is largely structurally controlled, and in this regard, is associated with dykes that
cut through and across the norite (Holland, 2012). Boreholes within 150 m of major surface
drainages have above-average transmissivity (2 to 3 times higher) mostly due to drainage
channels following zones of structural weaknesses in the near surface, with more intensely
jointed and/or weathered rock masses.

3 Methodology
The dam wall foundation is divided into four zones, namely: i) the upper left flank (ULF) from
chainage (Ch) 0 to 225; ii) middle left flank (MLF) to Ch396; iii) lower left flank (LLF) to
Ch756; and iv) the river section, and right flank (RSRF) to Ch1016. These zones are then
further subdivided into foundation blocks to aid with positions within the foundation; each
block being allocated a specific number depending on the location, whereby even-numbered
blocks were given to blocks located in the left flank (western), whilst odd-numbered blocks to
the right flank (eastern). The centre of the river section acts as the starting point (Block 1) from
which the numbering is initiated. Each block is approximately 10 m wide.
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Geological and structural information is obtained from 2 joint line surveys (JLS) conducted on
each block of the dam foundation (parallel and perpendicular, respectively), once it was cleaned
and ready for concrete placement. Permeability data is obtained from WPT conducted in
primary grout curtain boreholes (i.e. before the foundation rock had been affected by grouting).
Two (2) 89 mm–diameter primary grouting boreholes are drilled stepwise per 10 m wide block,
with WPTs carried out in each section from top to bottom. This WPT test data is used to
calculate the SPI by the method as proposed by Foyo et al. (2005), who combined a modified
form of the Lugeon relation with the radial permeability of a rock mass, as well as the borehole
geometry to propose a new equation that yields a value that is closer to the permeability
coefficient than that yielded by the Lugeon relation:
!" = #$ ×

%&'

()*
,-.
+

/01*

2

× 345

(1)

Where: SPI is the Secondary Permeability Index, (l/s per m2 of the borehole test surface); C is
a constant that depends on the fluid viscosity at 10°C (1.49 x 10 -10 for water); Le is the length
of the tested borehole interval (m); r is the borehole radius (m); Q is the water flow absorbed
by a fissured rock mass (l); t is the duration of the pressure applied in each step (s); and H is
the total pressure expressed as a water column (m). The SPI is calculated for each stage per
grout borehole and thereafter classified according to the permeability-based rock mass
classification as defined in Table 1.
Table 1. Rock mass classification based on the SPI and associated
ground treatment (Foyo et al., 2005).
Secondary Permeability Index (l/s m2)
<2.16 x 10-14
2.16 x 10-14 1.72 x 10-13 >1.72 x 10-12
1.72 x 10-13
1.72 x 10-12
Rock mass
Class A
Class B
Class C
Class D
Classification
Excellent
Good-fair
Poor
Very poor
Ground treatment
Needless
Local(i)
Required
Extensive
(i)
Requires separation of 2 possible solutions
The rock mass classification defined by the SPI, coupled with the degree of jointing from drill
core, permits the rock mass foundation to be zoned into different quality classes and each zone
to be treated separately (Foyo et al., 2005). If the zone is classified as Class A, it implies that
ground treatment is needless, whilst a SPI Class B requires separation of two possible situations
related to the number of joints present in the test section. If the test section shows a medium or
low degree of jointing, it is deduced that at least one joint of very high conductivity exists.
Under this condition, the rock mass requires a local ground treatment and it must be grouted
with a medium or thick mixture; 1:1 or 0.5:1 W:C ratio. On the contrary, if the test section
contains multiple joints, the ground treatment can be considered needless. For Class C or D; if
the test section with a low degree of jointing, with the presence of at least one joint of very high
conductivity, a thick mixture must be used (0.5:1 W:C ratio), whilst a highly-fractured test
section requires the thinnest mixture (3:1 W:C ratio). As there was no core available, to
complete the ground treatment designation, the foundation mapping was used based on the SPI
class. In this regard, Class B zones (although there is no data with depth) would be classified
as needing local treatment only if a significant geological feature such as a pegmatite vein,
fracture zone, magnetite or anorthosite band, was identified and measured on the foundation
mapping. The same assumption was used when designating the grout mix for Class C and D.
Due to the grout boreholes being percussed, an investigation of the degree of jointing was not
directly possible. However, as the grout mix and success of the grouting is already known, a
back-analysis can be conducted to infer the degree of jointing. The process involves assessing
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the SPI class, followed by a decision as to the success of the grout borehole, which is then
compared to the grout mix. Based on the success of the grouting, a degree of jointing is
assumed. This is then to be compared to the RQD obtained from the investigation boreholes,
and is used to verify whether the correct grout mix meant that the rock mass indeed showed the
correct degree of jointing. For this research, a successful primary grouting borehole:
i.
Did not require re-grouting, nor the localised use of tertiary/quaternary holes; and
ii.
A Lu values below 1 is obtained in the WPT before tertiary, and quaternary holes were
drilled (i.e. after secondary grouting).
If a thin grout mix is successfully used in a borehole, it is assumed that a high degree of jointing
exists, whereas if it is a successful thick mix it is assumed a low degree of jointing exists. An
unsuccessful thin grout mix assumes that a low degree of jointing exists, however an
unsuccessful thick mix assumes a high degree of jointing exists. The inferred degree of jointing
is then validated by boreholes drilled during the final detailed investigation, coinciding with
the grout curtain axis and from depth of foundation excavation. Unfortunately, investigation
boreholes where only deep enough to meaningfully compare up to stage 2 depths in the grouting
boreholes whilst all investigation boreholes in the RSRF where too shallow to meaningfully
compare. In this regard, the results and discussion focus on the left flank, whilst the RSRF is
ignored. Lu-values stated on the investigation borehole logs where also used to compare
calculated SPI-values from grout boreholes.

4 Results
4.1 Rock Mass Properties
The foundation rock is characterised by large variations in the joint pattern over relatively small
distances. This resulted in considerable over-excavation in places, to establish a relatively even
foundation surface. Furthermore, the presence of the Steelpoort fault, 500 m north of the dam
wall, results in the structural complexity observed on the dam footprint. The gabbro rock has
an undulating weathering profile consisting of numerous corestones. Generally, the joint
spacing of the rock mass ranges from 20 mm when it is highly fractured to 600 mm when the
joint spacing is wider, characterised by a blocky structure consisting of sub-vertical and subhorizontal joints, with average block sizes varying between 50 mm to 700 mm. Generally, the
joint spacing decreases with depth at De Hoop Dam, but in some instances a highly-jointed
rock structure is still found 10 m to 15 m below NGL. Typically, 3 joint sets are observed in
the foundation rock mass and are shown in Figure 2, for each section. The sub-horizontal joint
system (J1) is highly undulating, with distinct convex-shaped joint surfaces, and has formed
due to a combination of the stereotypical layering found within the RLS, as well as from
lithostatic unloading to form stress-relief joints. Two steeply-dipping joint sets are also
prevalent throughout the dam wall footprint, consisting of several, north-west striking (J2)
pegmatite veins and fault zones, as well as north-east striking (J3) fault zones, which tend to
become steeper towards the RSRF.
The fault zones are mostly only moderately weathered, with thicknesses varying between 10
mm and 200 mm with an average thickness of 20 mm. Minor fault zones encountered
throughout the foundations strike roughly in a north-east (J3), as well as parallel or obliquely
(J2) to the dam wall axis. These fault zones are characterised by linear structures with
weathered contacts and some contain closely to very closely jointed rock, directly adjacent to
the fault plane. Many of these fault zones also contain red sandy clay filling with thickness that
can vary between 2 mm and 50 mm. At shallow depths, this clayey joint filling was also
observed on the sub-vertical and sub-horizontal joints reaching thicknesses of up to 20 mm. It
is common for dolerite to have also intruded these fault zones. Generally, these intrusions are
localised and thin, with very closely spaced jointing adjacent to the intrusion. The pegmatite
veins are generally steeply dipping features, and consist of pegmatite gravel and/or quartz
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gravel, which are loosely packed. It is evident that the pegmatite veins are related to the fault
zones on the dam footprint. The pegmatite veins intersect the dam wall axis perpendicularly in
the ULF and MLF, and obliquely in the LLF and RSRF, and are continuous through the entire
width of the dam wall footprint. The typical Rock Mass Rating (RMR) along the dam
foundation is presented in Table 2.

Figure 2. Stereographic projections of joint sets along the foundation of the dam wall.
Table 2. Typical RMR values at the De Hoop dam site.

RMR

Upper
50 – 60

Left flank
Middle
60-70

Lower
65-70

River section
60-80

Right
flank
55-65 (35-45 jointed rock)

4.2 Secondary Permeability Index (SPI)
Table 3 shows an indication of the decrease in permeability towards the Steelpoort River. This
is highlighted by the percentage of excellent quality rock (Class A SPI zones), and the increase
in poor quality (Class C) from the RSRF through to the ULF. Each section of the dam wall is
discussed in the following sections. Of the four classifications, the ULF has the largest
percentage of Class C present in the rock mass underlying it, followed by Class B (36%), due
to several major fault zones that are present in the section. The presence of these faults and
their associated closely spaced fractures also renders much of the area classified as fair quality
rock (Class B). Inferred from the structural mapping of the foundation footprint it was deemed
that 27% of these Class B zone require local ground treatment, with 2 pegmatite veins, 2
dolerite intrusions, and a magnetite band intersecting this section. Only 1% of the ULF is
classified as very poor quality (Class D) and deemed to require extensive ground treatment,
due to a significant fault zone that dips away from the Steelpoort River. Only 5% of the ULF
is classified as Class A, requiring no ground treatment and 73% of Class B deemed not
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necessary for ground treatment. These zones correspond with zones exclusive of large
structural features and a wider joint spacing, inferred from the foundation mapping.
Table 3. Frequency percentages of SPI classes below the dam wall.
SPI
Class A
Class B
Class C
Class D

ULF
5%
36%
58%
1%

MLF
6%
49%
40%
5%

LLF
28%
32%
37%
3%

RSRF
61%
28%
10%
1%

The MLF is underlain by a large percentage of fair quality rock (Class B) of which, based on
the foundation mapping, only 15% was deemed necessary to treat the ground locally. With 40%
of the rock mass zoned as Class C (poor quality), where ground treatment would be required,
due to 7 pegmatite veins that intersect this section. Several of these features also correlate with
zones of extensive ground treatment as they categorise as very poor quality rock (Class D), the
highest for all Class D across the entire dam wall. Furthermore, 2 large dolerite intrusions are
present as well as several large fault zones. The gabbroic rock mass in this section not intruded
by pegmatite veins and dolerite and does not contain any fault zones, typically classified as
excellent quality rock (Class A), thus requiring no ground treatment. Although the LLF
contains 6 pegmatite veins, there is an obvious increase in the amount of excellent quality rock
(Class A) beneath this zone. The influence of these pegmatite veins on permeability seemingly
decreases with depth in this section, and in this regard the rock mass improves to Class A and
Class B with depth. Again, based on observation of the foundation mapping, 30% of Class B
is zoned as needing local ground treatment. Furthermore, the SPI obtained in the same blocks
of the LLF increases toward the river similar to the RMR values.

5 Discussion
5.1 Comparison with Results from the Investigation Phase
Two distinct scenarios are observed when comparing SPI and grout takes (GT) from grout
boreholes, with Lu values and RQD values from exploratory boreholes. Representative charts
from selected boreholes are shown in Figure 3. The first scenario exists whereby all parameters
correlate, and is observed in 20 of the 32 grouting boreholes (63%) that are compared. In these
instances (using Figure 3a as an example) a decreasing SPI correlates with an increasing GT,
decreasing RQD, and increasing Lu value, with the converse also occurring. Interestingly,
although much less prevalent, a second scenario occurs whereby a correlation between SPI and
GT from the grout boreholes as well as RQD values from exploratory boreholes exists, but the
Lu values obtained in the exploratory boreholes do not follow this trend. As exemplified in
Figure 3b at stage 1, a low SPI (poor class) correlates with a high GT, poor RQD, but a low (or
zero) Lu value. In these instances this may be explained by the presence of a single large
permeable feature. It is also emphasised that the investigation boreholes were not drilled in the
exact position of the grout borehole, and considering the heterogeneous nature of the rock mass,
large variations could exist over small distances. In the example used in Figureb a minor fault
zone is present, and the WPT during the exploratory phase may not have intersected this feature.
Furthermore, the lengthy test section during the WPT in the grout boreholes, together with the
unloading of the rock mass during foundation excavation, might have represented the true
permeability of the rock in this block more accurately.

5.2 Validation of SPI Ground Treatment Based on Grouting
The validation is conducted for several boreholes, of which the results are presented in Table
4. Keeping with the example as shown in Figure 3a, stage 1 in borehole P1 is classified as Class
B, and the borehole is considered successfully grouted with a thin grout mix (3:1 W:C ratio),
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and therefore a high degree of jointing is inferred. The stated RQD values obtained in the
exploratory borehole range from 51% to 62%, with no significant geological feature
intersecting the test section. This suggests that the high degree of jointing is related to the rock
mass and not a single feature of high conductivity, and therefore validates the required grout
mix based on the ground treatment as proposed by the SPI. However, Class B rock quality of
which a high degree of jointing exists should not require ground treatment. This may be
validated further by the very low GT (0.2 kg/m) recorded in this borehole at this stage. At stage
2, the borehole is considered successfully grouted with a medium mix of 1:1 W:C ratio. It is
inferred that the section can be classified as having a low to medium degree of jointing. Upon
validation with the RQD from the borehole, it is seen that the RQD is 27% at 12 m depth, and
increases to 65% at 18 m depth. Upon consultation with the foundation mapping and
exploratory borehole profiles it is evident that a fault zone intersects this section. According to
the SPI ground treatment process, if there is a single feature of intense hydraulic conductivity,
then indeed a medium or thick mix is required. In this case there is a low RQD value, localised
to a portion of the test zone intersected by the fault, and the ground treatment is indeed validated
by the degree of jointing.

Figure 3. Comparison of SPI and GT in primary grouting boreholes, with Lu and RQD
values obtained in the exploratory boreholes, with a) representative example for scenario 1
from Block 134 in the ULF, and b) representative example for scenario 2 from Block 80.
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Table 4. Summary of primary grouting holes, and the inferred degree of jointing compared
with RQD values obtained from the nearest investigation borehole.

Mix
(w:c)

Take
(kg/m)

134/P1/1
134/P1/2

B
C

3:1
1:1

0.2
1.2

Success

ID1

SPI Class

Grout

Inferred
degree
of
jointing2

RQD
(%)3

Yes
Yes

H
L-M

51 - 62
27 - 65

Geological feature

None – closely jointed
Fault (major)
Dolerite-closely
124/P1/1
B
3:1
5.9
Yes
H
4-46
jointed at contact
Dolerite-closely
122/P1/1
B
3:1
5.7
No
L
25-61
jointed at contact
Dolerite-closely
122/P2/1
B
3:1
0.0
No
L
25-61
jointed at contact
Fault (minor) with
118/P1/1
B
3:1
2.2
Yes
H
44-70
dolerite intrusion
118/P1/2
B
1:1
0.7
Yes
L-M
99
Dolerite
Fault (minor) with
118/P2/1
C
3:1
4.1
Yes
H
44-70
dolerite intrusion
118/P2/2
B
1:1
7.2
Yes
L-M
99
Dolerite
Fault (minor) with
110/P1/1
D
3:1
1.7
Yes
H
17-47
dolerite intrusion
110/P1/2
B
1:1
1.1
Yes
L-M
90-97
Dolerite
Fault (minor) with
110/P2/1
C
3:1
0.0
Yes
H
17-47
dolerite intrusion
110/P2/2
C
1:1
1.9
Yes
L-M
90-97
Dolerite
98/P1/1
C
3:1
4.2
Yes
H
60-97
Fault (minor)
98/P12
B
1:1
0.5
Yes
L-M
33-97
Dolerite
98/P2/1
B
3:1
2.0
Yes
H
60-97
Fault (minor)
82/P1/1
C
0.8:1
1.8
No
H
26-51
None – closely jointed
82/P2/1
C
0.8:1
0.7
No
H
26-51
None – closely jointed
80/P1/1
C
0.8:1
8.8
Yes
L
28-61
Fault (minor)
80/P1/2
C
0.8:1
12.9
Yes
L
86-96
None
80/P2/1
C
0.8:1
3.2
No
H
28-61
None – closely jointed
80/P2/2
C
0.8:1
4.3
No
H
86-96
None – closely jointed
78/P1/1
C
0.8:1
0.1
No
H
39-92
Pegmatite vein
62/P1/1
C
0.8:1
1.6
No
H
50-100 Fault (major)
62/P2/1
C
0.8:1
1.7
No
H
50-100 Fault (major)
48/P1/1
C
0.8:1
3.3
Yes
L
None – closely jointed
58-100
48/P2/1
C
0.8:1
3.2
Yes
L
None – closely jointed
1
Block/Borehole/Stage; 2H-high, M-medium, L-low; 3From investigation borehole
Looking at borehole P1and P2 at stage 1 depth, in Figure 3b, the stage is zoned as Class C, and
considered to be successfully grouted with a thick mix (0.8:1 W:C). It is inferred that a low
degree of jointing exists, and the RQD increases from 28% to 61%. Upon consultation with the
foundation mapping another fault zone intersects this stage, which results in the localised lower
RQD value. Once again it is the presence of a single, highly permeable feature that makes the
choice of a thick grout mix successful. By stage 2 in borehole P1, the SPI had increased slightly,
but still classifies as Class C. Again, a successful thick (0.8:1 W:C) grout mix infers a low
degree of jointing. This also validates the SPI however the investigation borehole does not
extend the full depth of stage 2. Nevertheless, at this stage it is inferred that the success of the
thick mix is due to the presence of at least a single feature of high conductivity within a test
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section of low degree of jointing, as validated by the RQD. By stage 2 in borehole P2, the SPI
had also increased slightly, but still remained a Class C. This stage was considered to be
unsuccessfully grouted with a thick mix (0.8:1 W:C), which by back analysis infers a high
degree of jointing. However, this contradicts the RQD values, which increases with depth, and
therefore invalidates the suggested ground treatment. This could plausibly be explained by the
exploratory borehole not being an adequate representation of grout borehole P2. An example
of an unsuccessful thin mix is evident in boreholes P1 and P2 in Block 122. In this case, Block
122 has a major fault zone intersecting it, indicating that a thick mix should have been chosen
to locally treat this feature. The low RQD is localised to a section of the borehole at the contact
with the dolerite intrusion. Block 82, borehole P1 and P2 are examples whereby a thick mix
was unsuccessfully used as the rock mass is closely fractured. Here, the SPI ground treatment
is validated as a thin mix should have been used. A thick mix was used in Block 78 and was
unsuccessful, inferring a high degree of jointing. However, a pegmatite vein intersects the test
section, and although the test section may not be highly jointed, the pegmatite vein may need
localised treatment via a thin mix, which would successfully penetrate the quartz gravel which
characterise the infill of these pegmatite veins.
Overall, almost all of the compared boreholes showed a positive validation, with only a single
borehole contradicting the SPI ground treatment. All successfully thin mixes coincide with
minor fault zones with or without dolerite intrusions, as well as very closely jointed rock
gabbro. The success of these thin mixes is attributed to the choice of the thin mix which
adequately penetrates and seals the highly-jointed rock which are characteristic of these
features. Unsuccessful thin mixes are associated with the contacts of dolerite intrusions, which
are generally highly weathered and fractured. Indeed, these zones are more successfully treated
with a thick mix, and is validated by the success of thick mix of borehole stages that intersect
these intrusions. Unsuccessful thick mixes are mostly attributed to major fault zones, and in
these cases although the grout mix may very well have been successful, the adequate sealing
of these features will only occur with a closer spacing of curtain grout boreholes. With regards
to test sections zoned as Class B, in addition to the example previously given (134/P1/1), 3
more grout boreholes (124/P1/1; 118/P1/1; 98/P2/1) classified as Zone B and an inferred high
degree of jointing were successfully grouted. The success of this grout may be attributed to the
rock mass not needing any treatment, rather than the grouting process being successful. In these
instances, the GT are very low (<5 kg/m) which suggests that indeed the rock mass did not
require treatment. Conversely, Class B sections with a low inferred degree of jointing were also
mostly regarded as successful grouts which needed to be treated locally nonetheless.
Considering clarifying ground treatment for Class B zones specifically, the test section could
have been too long such that more than one condition exits regarding the inferred degree of
jointing, therefore requiring separate ground treatments being necessary within one stage.
Although it is suggested to conduct testing on a smaller section, this may be problematic when
grouting as one cannot easily and cost-effectively change the grout mix design within a single
stage.

6 Conclusions
A validation of the ground treatment as proposed by the SPI was conducted using the
foundation rock at De Hoop Dam, South Africa. The following conclusions are presented:
· The overall permeability of the foundation rock mass before grouting is generally low, with
the quality of rock in terms of the SPI increasing from the upper-left to the lower-left flank
and towards the river section. Local poor quality rock (Class C and D) occur in the upper
10 m, as the rock mass quality increases with depth, and as such most permeable
characteristics are a near-surface feature. Zones of very poor and poor quality (Class C and
D) were related to pegmatite veins, dolerite intrusions, anorthosite and magnetite bands,
and major faults and associated fractured zones.
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·

·

Calculated SPI values, and GT from the grout boreholes generally correspond to the RQD
values and Lu values recorded during the final investigation phase. However, in several
instances the Lu-values obtained in the investigation boreholes do not follow this trend,
most likely due to the WPT not having intersected this feature. Moreover, the lengthy test
section during the WPT in the grout boreholes, together with the unloading of the rock mass
during foundation excavation, might have represented the true permeability of the rock in
this block more accurately. Although it is not advised to conduct WPT’s over lengths
greater than 5 m, it has been shown that even lengths twice as long have successfully zoned
highly permeable geological features.
Overall, the degree of jointing inferred from the success of the grout mix showed that
almost all the compared boreholes validated the ground treatment as suggested by the SPI.
All successfully thin mixes coincide with minor fault zones with or without dolerite
intrusions, as well as very closely jointed rock gabbro, whilst unsuccessful thin mixes are
associated with the contacts of dolerite intrusions, which are generally highly weathered
and fractured. This was highlighted by the success of thick mixes when applied to these
intrusions. Unsuccessful thick mixes are mostly attributed to major fault zones, and in these
cases although the grout mix may very well have been successful, the adequate sealing of
these features will only occur with a closer spacing of curtain grout boreholes.

Although the SPI methodology relies on the WPT, the use of discontinuity mapping (i.e. JLS)
to complement borehole core is noteworthy when considering the limitations of the WPT, and
the associated uncertainty of flow regimes and preferential flow paths when conducting the
test. Improved appraisals of rock mass permeability and associated ground treatment will be
gained by giving due consideration to discontinuity parameters that govern permeability. The
success of this study’s validation of ground treatment using the SPI, highlights that this
permeability-based classification needs to be adopted, as is commonly done with strengthbased geomechanical classifications when characterising rock masses for engineering
purposes.
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Abstract
For some time, the University of Pretoria Geotechnical division has been making use of
tensiometers in unsaturated soil testing to investigate the changes in soil suction or water
pressure as a response to external stimuli. Most of these tests have dealt with static loading. To
evaluate the effect of cyclic loading, work was done on an unsaturated body of railway
subballast soil. The change in pore pressures were monitored as well as the migration of water.
Results were obtained showing that the pore water tends to migrate between high and low
pressure zones, but does not enter unpressurised zones. Furthermore, recommendations are
made for further study to find the balance point between pore water under suction and pore
water under compression as a result of a certain load.
Keywords: pore water pressure, suctions, cyclic loading, tensiometers

1 Introduction
The buildup of pore pressures is of concern to any engineer dealing with a soil formation, be it
in geotechnics, rail or road. Typically, these problems take the form of monotonic loads on
saturated impermeable soils. More work is required on both the effect of cyclic loading
systematically increasing pore pressures with increasing cycles, and the effect of this gradual
increase in pore pressures in unsaturated soils. These concerns apply broadly to both rail and
roads, where an increase in pore water and a corresponding decrease in suction will result in a
more rapidly deteriorating formation (Saad, 2014). While pavement formations are designed
with drainage in mind, new weather patterns emerging from the effects of climate change in
some parts of the world (Mills et al., 2009 & Rouania et al., 2009) require quantification of the
strength of pavements should moisture conditions change.

1.1 Unsaturated soil mechanics
When air exists in the pores of a soil formation, unsaturated soil mechanics will govern the
behaviour of the soil. As a soil dries out, the pore water will decrease leading to a change in
behaviour. Soil suctions are imposed on the soil skeleton as drying continues. These soil
suctions will, to an extent, bind the soil skeleton together, and a drier soil will have higher
suctions, resulting in a stronger bond created between the particles by suction (Huat et al.,
2012). Soil suction can be divided into matric and osmotic suction. Matric suction is caused by
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surface tension forces in the water menisci remaining between soil particles, whereas osmotic
suction is due to the relative concentrations of soluble salts in the water (Huat et al., 2012).
Different suction regimes can occur in an unsaturated soil. These regimes are called the
capillary, adsorbed film and tightly adsorbed regimes (Lu and Likos, 2004). Each refers to a
different state of water in the pores and whether the air or water phase is continuous along the
pores. The permeability of a soil is affected by its current suction regime. When in the capillary
regime, a combination of saturated and unsaturated permeabilities will affect pore water flow.
This is due to the pores containing air bubbles while the water phase is still continuous.
Permeability will decrease with increasing suctions as the water phase becomes discontinuous
in the adsorbed regimes and effectively has no continuous path to flow through (Huat et al.,
2012).

1.2 Tensiometers
Tensiometers are pressure transducers that can measure both positive and negative water
pressures if saturated correctly. A high air entry ceramic with continuous pores of a certain
mean size is attached to a Wheatstone bridge sensor. Once the pores in the ceramic are saturated
with de-aired water, any external pressure change will result in the column of ceramic pore
water applying a compression or tension force on the sensor. Failure to saturate the ceramic
will result in a sluggish response in measuring pressure changes, as well as inconsistent
pressures measured due to compression of air trapped in the ceramic pores (Take and Bolton,
2003). Tensiometers can only measure matric suction, as de-aired water in the ceramic pores
can mix freely with soil pore water, meaning there is no chemical imbalance between them (Lu
and Likos, 2004).

1.3 Effect of cyclic loading
Railway formations are designed to resist the cyclic nature of the train loading throughout its
operational life. In a railway line, the deformation may be divided into resilient and permanent
deformation. After construction, a compacted railway formation will undergo a period of
settlement until it stabilizes and starts developing a resilient (elastic) response. Over time, small
deflections will accumulate into permanent deformation leading to overall settlement of the
track structure (Li et al., 2016).
In any soil containing an appreciable quantity of clay, moisture can become trapped due to
decreased permeability. Cyclic loading applied to such a soil will result in the systematic
increase of pore pressures if the frequency of the loading exceeds the time it takes for pore
water pressure to dissipate (Wilson and Greenwood, 1974). A typical concern for a railway or
pavement engineer is therefore that water in the formation will lead to increased pore water
pressure under cyclic loading and decreased effective stress as per Terzaghi’s principle.

1.4 Stress distribution
When considering a simple two-dimensional footing problem, the distribution of stress in the
underlying material is provided by Boussinesq’s theory. This equation and chart describes a
‘pressure bulb’ consisting of stress contours underneath a rectangular footing for a certain
footing aspect ratio (Knappett and Craig, 2012). Each pressure bulb is described by its relation
to the surcharge pressure (q). The zone enclosed by the 0.2q pressure bulb is where the major
soil settlement is expected to occur.
The Bousinesq relationship describes the stress at a specific point in the soil, but all the soil
experiencing pressure takes the shape of a cone of pressure propagating from the edge of the
loaded area. The pressure is distributed through the soil at an angle of 45°. The zone inside the
45° lines is referred to as the ‘zone of influence’ (Horak, 2008).
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2 Test setup
The following section describes the experimental setup of the tests done as well as the loading
rate and force applied in the different tests. All the tests were conducted at the University of
Pretoria Civil Engineering laboratory.

2.1 Characterization of material
Granular material was taken from a spoil pile of extra material left over from the construction
of a railway test site to determine their foundation indicator properties. This material was
intended for use in the special subballast (SSB) and subballast (SB) layers in accordance with
the Transnet S410 Earthworks Specification (Transnet, 2006). These types of materials are
typically not naturally occurring, and involve mixing of crushed aggregate with selected soils.
A SSB and SB layer is required for 26 tonne/axle and 30 tonne/axle formation designs, while
a 20 tonne/axle formation design only requires the SB layer (Transnet, 2006). The SSB layer
is meant to distribute higher loads due to its increased stiffness.
At the time of construction, material tests were done on SB layers to determine their foundation
indicators. Figure 1 shows the grading of the material in relation to the S410 specification. This
shows that it lacks some of the coarser material required to be SSB material, but fits in the
required envelop to be SB material. This material is a G5 material in the TRH14 granular
materials classification (GW in USCS classification, and A-2-6 in AASHTO classification).
Ultimately this material was used for both the SSB and SB layers, the only difference being in
compaction. The Transnet S410 classification (Transnet, 2006) specifies compaction of 98 %
and 95 % Mod AASHTO for the SSB and SB layers respectively.

Figure 1. Material particle size distribution and foundation indicators.
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2.2 Test setup
Soil was placed in a 500 x 500 mm, 200 mm deep strongbox. The soil was placed in layers of
50 mm and compacted to 95 % and 98 % Mod AASHTO depending on the moisture content.
In this way both the SSB and SB layers will be modelled, as only the material compaction
varies between the two. For the 6 % MC test compacted to 98 % Mod AASHTO, a saturation
ratio (Sr) of 73 % was expected. Conversely, for the 9 % MC test compacted to 95% Mod
AASHTO, a Sr of 89 % was expected. Due to the higher moisture content and increased pore
size (due to lower compaction) in the 9 % model, lower suctions are expected as opposed to
the 6 % model. Figure 2 shows the schematic layout of the strongbox with positions of
tensiometers shown.

Figure 2. Strongbox schematic side view (all dimensions in mm).
Four tensiometers were placed on the assumption that the load would spread at 45° with
increasing depth to form a pressure cone. Three of these tensiometers were distributed in
locations that were expected to detect pressure and one was placed outside of the area
experiencing pressure. The tensiometer placed at Position 4 was placed outside the pressure
cone to detect pore water leaving the pressure cone over time.
On the surface, two Linear Variable Differential Transformers (LVDT) were placed on the soil
and one LVDT was placed on the loading block. This was done to record the displacement of
the loading block with increasing cycles while the other two recorded the corresponding heave.
A cylindrical concrete loading block (diameter of 100 mm) was used to apply load in the center
of the strongbox. A diameter of 100 mm was chosen so that the boundary of the zone of
influence would intersect the edge of the strongbox assuming a 45° zone of influence spread
(the zone of influence boundary is shown in Figure 2 as dashed lines). All testing was done on
a 500 kN MTS machine. Figure 3 shows the setup prior to testing.
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Figure 3. Model prior to testing.

2.3 Testing schedule
A comprehensive testing schedule was followed to evaluate the effect of cyclic loading on pore
water. This included testing at different moisture contents, loading rates, and forces. The MTS
machine was programmed to apply a cyclic force of 1 kN, to produce a pressure of
approximately 100 kPa beneath the loading block. The pressure of 100 kPa was selected based
off results obtained from pressure plate readings at the surface of the subballast as described
by Gräbe (2004).
Table 1 lists the different tests and stages of testing that were done. The moisture content of
3 %, 6 %, and 9 % were chosen based on testing at the optimum moisture content (6 %), and
one value each side of the optimum (3 % and 9 %).
Table 1. Testing schedule.
Test
(Moisture
content)

Loading (kN)

Pressure
(kPa)

Cycles

Frequency
(Hz)

1

127

1500

0.25

1

127

5000

1

5

637

1000

1

10

1273

-

Static

1

127

1500

0.25

1

127

1500

1

5

637

1500

1

10

1273

-

Static

1

127

100

0.25

6%

9%

3%
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3 Analysis of results
The aim of the data collection and analysis is to compile the different parameters of interest
and compare them with one another. This section therefore presents the deflection, suction, and
moisture content data with increasing cycles.

3.1 Deflection measurement
The deflections measured throughout the tests tend to show settlement of the soil under the
loading block, while the surface of the soil adjacent to the loading block experiences heave,
decreasing with increasing distance from the loading block. Figure 4 shows the deflection of
the loading block over the course of the 6 % and 9 % moisture content tests.

Figure 4. Displacement graph of 6 % and 9 % moisture content tests.
Figure 4 shows that the soil generally behaves the way it was expected to, with a higher
moisture content causing a greater rate of deformation than a lower moisture content given the
same loading characteristics. There is also the contribution of compaction densities to
settlement, as the 6 % test was compacted to 98 % Mod AASHTO as opposed to the 95 % Mod
AASHTO of the 9 % test. Both the increased moisture and decreased density contribute to the
increased deformation Additionally, in the case of the 6 % moisture content soil, a significant
portion of the deformation is elastic, as evidenced by the sharp decrease in displacement values
after the removal of the load between tests. After the static application of 10 kN, the
displacement value returns to a value within approximately 0.2 mm of the value prior to static
loading.
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The failure criterion was determined to be 4 mm, which corresponds to 2 % of the formation
depth (200 mm) in accordance with the method presented by Li and Selig (1998). The 9 % test
crossed this threshold during the 5 kN/1 Hz loading phase. This is as expected because of both
the loading and the soil moisture content being higher than it would be in a properly designed
railway formation.

3.2 Tensiometer readings
The typical behaviour of the tensiometers is shown in Figure 5, a decrease in pore pressure
(plotted on the Y-axis) indicates an increase in matric suction, while the inverse is true for
increases in pore pressure where the matric suction will decrease as pore water pressure
increases. This is a short section of data taken from the 6 % moisture content test during the 1
kN/0.25 Hz loading phase. This section contains the cycling of the pore pressures during a time
that the machine achieved the correct cycling frequency, but not the correct loading. Thereafter
an impulse load was applied (shown by a spike in pressure readings) and the machine stabilized
at the correct load and frequency.

Figure 5. Typical tensiometer behaviour from 1 kN/0.25 Hz loading.
Figure 5 clearly shows that the tensiometer at Position 1 was most responsive to loading due to
its proximity to the loading block, while Positions 2 and 3 had a dampened, but still cyclic
response to loading. Position 4 remained stable at approximately -14 kPa due to its placement
outside of the zone of influence. The cyclic behaviour at Position 1 compared to Position 2 and
3 remained inverse throughout the test, and in further tests. This is shown in Figure 5, where a
pressure peak at Position 1 corresponds with a trough at Positions 2 and 3, and vice-versa.
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3.3 Moisture content in the sample after the test
Moisture content samples were taken after the tests at 6 % and 9 % moisture content to establish
how water had migrated through the sample over the course of the test. The samples taken after
the 6 % test were taken at 6 locations to show the change in moisture content at important
points. More sampling was done after the 9 % test at the previously taken locations, as well as
intermediate points, to add more data to the contour plot. Figure 6 shows the contour plots of
moisture content after the 9 % test on one side of the strongbox, between the farthest
tensiometer and the center of the loading block.

Figure 6. Contour plot of moisture contents after the 9 % moisture content test.
While it should be noted that there was some leaking from 2 bottom edges of the strongbox,
the contour shows a clear increase in moisture content with increasing depth, and an increasing
moisture content with increasing distance from the loading block. The disparity in moisture
content between the 9 % at placement and the measured values at the end of the test is believed
to be due to water migration and leakage. Due to the high saturation ratio (89 %) and drainage
properties of the material excess pore water was shed throughout the test. While some of this
vertical moisture content disparity may be because of gravity, the fact that there is a horizontal
difference confirms the migration of the water away from the center of the strongbox due to
the loading. Furthermore, the highest moisture content is to be found in the center-bottom of
the strongbox, despite this area being in the cone of soil experiencing pressure.
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4 Discussion
The migration of the water shown in Figure 6 and the buildup of pore pressures at Positions 1,
2, and 3 (Figure 2) show that there was a definite change in pore pressures and moisture
contents in those positions expected to be under load. This is opposed to the tensiometer at
Position 4, which experienced no change in pressure while loading took place, nor a large
change in moisture content. Typically, water is expected to move from a high pressure
environment to a low pressure environment. It would therefore make sense that water would
migrate laterally to the zone around Position 4 that is under no surcharge pressure. Instead it
was observed that water migrated between the high pressure zone under the loading block, and
the low pressure (but still under pressure) zone further down.
When an impulse load was applied at lower loads (1 kN) there was a positive spike in pore
pressure in Zone 1 beneath the loading block, with a corresponding negative spike in pressure
in Zones 2 and 3 for the same load (Figure 5). When this load was increased significantly (10
kN), the pressure in Zone 1 continued to rise sharply positively, and the pressure in Zones 2
and 3 also positively rise sharply. This suggests that the zones where positive and negative
pressures occur, are delineated by a pressure bulb of a certain critical pressure, whereby the
zone inside of this bulb will experience positive pressure under loading and water migrating
out of it.

5 Conclusions
There is evidence to suggest that the concept of pore water simply leaving a high pressure zone
for a low pressure zone is somewhat simplistic. As the pressure increases in the zone around
Position 1, a corresponding decrease in pressure is experienced in another zone, driven by the
migration of water. When the cyclic nature of this loading is considered, the pore water moves
between these zones as they alternate positive and negative pressure. Further work must be
done to fully characterize the pressure distribution in the soil skeleton. Once the distribution of
pressure is better understood, work may be done to clearly define the zones which experience
alternating positive and negative pressures as a function of the load magnitude.
While some systematic increase of pore pressures was observed, it was limited. This is possibly
due to the low clay content (2 %) of the soil. An accurate long term analysis of this pore pressure
build up and dissipation of pore pressures was complicated by not having a consistent loading
pattern over a longer period of time. This is easily solved by increasing the load exerted by the
machine, with a corresponding increase in loading block size to return the same surcharge
pressure for a higher load. It is recommended that tests are done to establish an acceptable
higher load that is stable for long periods while being a realistic load experienced by soils in
the foundation of a railway line. Once that is found, it would be possible to perform a test
showing the buildup and dissipation of pore pressures over the course of +10 000 cycles.
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Abstract
Land subsidence could be a critical consequence of groundwater pumping. Groundwater
pumping from aquifers result in a hydraulic pressure reduction within the aquifer. Soil effective
stresses increase as a result of the pressure drop, which, in the presence of compressible soils,
will induce settlement of the soil layer. The settlement is not uniform, with the largest
settlement occurring closest to the point of extraction. Furthermore, the non-uniform settlement
can have detrimental effects on framed structures founded within the zone of influence. The
deformation of structural frames founded within the zone of influence is dependent on the
governing mode of deformation of the structure which a is function of the material and
geometric properties of the frame and founding soil and the interaction between the soil and
structure. This paper presents results for a centrifuge model used to investigate the groundwater
extraction-induced soil settlement and a finite element soil-structure interaction model.
Keywords: Centrifuge Modelling, Groundwater pumping, Differential Settlement, Soilstructure Interaction, Numerical Modelling.

1 Introduction
Differential settlement, rather than total uniform settlement, of structures is deemed as the
governing settlement in assessing structural behaviour and damage. One of the causes of
differential settlement is the pumping of groundwater (Gambolati & Teatini, 2015; Fahmi et al,
2015). Budhu and Adiyaman (2010) define a two-part stress state on a finite volumetric soil
element that results from groundwater table lowering, namely: isotropic consolidation and
simple shear type displacement on vertical planes with rotation. The isotropic consolidation
results in hydrostatic consolidation of the compressible soil layer. The second part of the stress
state superimposes the settlement caused by consolidation settlement from simple shearing,
subsidence due to simple shear on vertical planes and subsidence due to rotation. Soil within
the zone of influence will, therefore, settle differentially and have an influence on the settlement
of the foundations (Chen & Xiang, 2006).
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The impact of differential settlement on foundations and building response to ground
movement has been widely studied since the 1940's (Meyerhof, 1947; Skempton & Macdonald,
1956; Polshin & Tokar, 1957; Bjerrum, 1963; Burland & Wroth, 1974, Jardine et al, 1986;
Boscardin & Cording, 1989; Boone, 1996; Potts & Addenbrooke, 1998; Son & Cording, 2007;
Son & Cording, 2010; Smit & Clayton, 2011). Burland and Wroth (1974) developed a
simplified model for assessing structural deformation due to differential settlement. Cording
and Boscardin (1989), furthermore, postulated that horizontal ground movement should be
considered together with differential vertical settlement in assessing structural deformation.
The simplified method proposed by Burland and Wroth (1974) assumes that a structure behaves
like beam with a given length to height ratio. It is believed that this assumption does not
consider the subsequent load redistribution induced by differential settlement in framed
structures. The amount of load redistribution in framed structures is governed by the geometric
and material properties of the structural frame and founding soil and interconnectivity and
relative stiffness between the structural elements. Researchers including Houy et al (2007), Son
and Cording (2010), Arapakou and Papadopoulos (2012), Halim and Wong (2011) and Lin et
al. (2015) have studied the factors that affect the load redistribution and behaviour of framed
structures due to differential settlement of its foundations. These authors found that load
redistribution in framed structures can result in increased foundation settlement and therefore
is important in designing and assessing framed structures.
The research presented in this paper utilised centrifuge modelling to investing the groundwater
extraction induced soil settlement. The free-field settlement profile was then introduced into a
finite element model. The settlement profile together with a plane strain aluminium structural
frame was used to study the soil-structure interaction. Focus is drawn to factors such as the
effect of varying frame and relative column-slab stiffnesses on the load redistribution.

2 Research Methodology
An instrumented centrifuge model was tested at an acceleration of 30 G, scaled 1:30. It was
set up at the University of Pretoria centrifuge facility to study groundwater withdrawal-induced
soil settlement. The soil model was developed in a centrifuge strong box, (Figure 1) confining
the soil and water and allowed for the withdrawal of the water to model the pumping process.
The water was extracted at one end of the strongbox, the extraction well, while the water level
was controlled at the opposite end, the control well. Linear variable differential transducers
(LVDTs) were used to measure the soil settlement and piezometers installed in the soil were
used to measure the hydraulic head in the soil. A pressure meter at the bottom of the extraction
well was used to measure the hydraulic head in the well. The set-up allowed the lowering of
water level in the well, the hydraulic head in the soil and the soil settlement to be measured
simultaneously for the duration of the test.
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Figure 1. Centrifuge model for settlement modelling
A parametric finite element model, Figure 2, was developed using the finite element software,
CivilFem®, where a two-bay two-dimensional aluminium structural frame, with varying
column and slab thicknesses (see Table 1) was founded on fixed footings. The structural
elements were modelled with quadratic two-dimensional beam elements. The free-field soil
settlement was imposed onto the founding level of the frame, with an applied downward
displacement to the foundation nodes. A linear load of 0.5 kN/m was applied on both slabs.
The parametric model was used to study the effect of the varying structural stiffness and relative
column-slab stiffnesses on the force and moment redistribution in the frame due to the
differential settlement.
Span 1

Joint 1

Span 2

Joint 2

200

200

Column 1

Column 2

145

Figure 2. FE Structural Frame Geometry
Table 1. Geometrical Properties of structural frames
Frame
Frame 1 (F1)
Frame 2 (F2)
Frame 3 (F3)
Frame 4 (F4)

Joint 3

Wall thickness
(mm)
10
10
5
5
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Slab thickness
(mm)
10
5
5
10

Column 3
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3 Centrifuge Modelling
Soil settlement due to groundwater pumping is induced by an increase in effective soil stresses
brought about by the reduction in pore-pressures within the soil. In addition to the increased
effective stresses, soil particle rearrangement also occurs due to seepage forces acting on the
soil particles. The particle rearrangement increases the vertical soil settlement and induces
horizontal ground movement.
Figure 3 shows the total head variation within the soil mass as a function of the distance from
the point of extraction, with time, as the groundwater is extracted from the extraction well. The
total head, which is the sum of the potential head, measured by the piezometers, and the
elevation head, which is the position of the piezometers, from the datum at the bottom of the
strong box. As the water level in the extraction well is lowered, a hydraulic gradient is
established within the soil which induces flow towards the well. The flow in the soil mass
causes the water table within the soil to drop. Under the assumption that the water table remains
hydrostatic throughout the pumping process, it can be accepted that the water table level within
the soil is equal to the total head determined as the pumping process progresses. The piezometer
measurements indicate that, as the water level in the extraction well drops the influence of the
increased hydraulic gradient propagates further away from the extraction well causing the water
table to drop further, creating the zone of influence. The rate at which the zone of influence
propagates is dependent on the rate at which the extraction well water level drops, the
permeability and porosity of the soil and other soil properties like its grading (Cashman and
Preene, 2013).
t-start
t-intermediete
t-finish
Elevation Head
Extraction Well Water Level

350

Total Head [mm]

300
250
Drawdown
Zone

200
150
100

Drainage
Zone

50
0
500

400

300

200

100

0

Distance [mm]
Figure 3. Variation in total head and extraction well during pumping
The change in total head is a function of the change in potential head. The effective soil stresses
increase due to the decrease in the pore-pressures. Figure 4 shows the ground surface settlement
as the pumping process progresses. The settlement and pressure head are measured
simultaneously, therefore, a relationship can be established between the two processes. As the
water table is lowered, the settlement increases and the zone of influence for the soil settlement
propagates in a similar manner as that of the water table. Although not indicated explicitly, the
water table was initially fluctuated in the extraction well and kept constant in the control well
(see Figure 3 drawdown zone). This resulted in compaction and over-consolidation of the soil
close to the extraction well while the soil near the control well remained normally consolidated.
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When the water was fully drained from the strong box (see Figure 3 drainage zone), the water
table dropped throughout the soil which resulted in the soil close to the control well settling
more than the soil close to the extraction point.
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500

400

300
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Figure 4. Ground surface settlement during pumping

4 Foundation Settlement
Three different settlement profiles were applied to the foundations of the structural frame,
Table 2. The settlement profiles are typical settlement of the soil obtained from the centrifuge
results as the water table is lowered within the soil mass. As the water table is lowered
progressively, the zone of influence of the settlement will propagate away from the point of
extraction. The foundation closest to the extraction point will be affected first and differential
settlement of the structure will ensue. As the settlement progresses with pumping time,
foundations further away from the point of extraction will be affected by the settlement.
Table 2. Footing settlement profiles.
Footing
Footing 1
Footing 2
Footing 3

Profile 1
(mm)
0
0
0

Profile 2
(mm)
0
-0.236
-0.469

Profile 3
(mm)
-0.094
-0.735
-1.237

Profile 4
(mm)
-0.868
-1.491
-2.185

5 Structural Response
The structural response was investigated by the assessing the amount of load and moment
redistribution of the various frames. The reaction force at the base of the columns was used as
an indication of the load redistribution and the moments at the column-slab connections and at
mid-span of the slabs were used as an indication of the moment redistribution. The response of
the frames to the induced settlement was normalised by the forces and moments obtained by
initially loading the frames with rigid footings, Table 3. The redistribution factors were

57

9th SAYGE Conference 2017

determined from the normalised data. A positive increase in the redistribution factor indicates
an increase in the force or moment, while a negative factor indicates force or moment reversal.
Compressive forces and clockwise moments were assumed negative.
Table 3. Fixed footing structural response.
Structural Element

Span 2

Frame 2

Joint 1
Midspan
Joint 2
Joint 2
Midspan

Column Forces (N)
-406
-346
-680
-483
-406
-346
Slab Moments (Nm)
-3.400
-3.920
4.290
2.290
-8.310
-4.450
-8.320
-4.450
4.290
2.290

Joint 3

-4.000

Column 1
Column 2
Column 3

Span 1

Frame 1

-3.920

Frame 3

Frame 4

-225
-395
-225

-274
-615
-274

-2.470
2.650
-5.170
-5.170
2.650

-0.986
5.060
-9.790
-9.790
5.060

-2.470

-0.986

The behaviour, deformation and damage accrued by structures is a complicated process that
depends on various factors (Weigel et al., 1989). In this paper attention is drawn to the variation
in the overall structural stiffness as well as the relative column-slab stiffnesses. In order to
simplify the behaviour of structures, it is generally accepted that two forms of deformation
govern, namely: structural deformation due to bending only or mainly due to shear only. Both
forms of deformation would be present in a real structure. Son and Cording (2005) postulated
that rigid structures undergoing settlement will experience higher stresses as the structure has
a higher resistance to the imposed deformation and can alter the soil settlement. Flexible
structures, on the other hand, undergo significantly more deformation as they conform more to
the imposed settlement. In rigidly connected frames undergoing differential settlement, the
relative column-slab stiffness further influences the way a structure will behave and deform.
For stiff slabs connected to flexible columns, the author proposes that the governing mode of
deformation would be bending, while for flexible slabs connected to stiff walls, shear
deformation would govern.
Table 4 presents the redistribution factors of the column loads due to the imposed settlement
profiles. As the structural frame settles differentially, the load on column 1 increases while
decreasing for column 3. This behaviour is present in all four frames. Meanwhile, for frames 1
and 3, where the slab and column thickness of F1 is double that of F3, the force redistribution
in frame 1 is more than that of F3, roughly 38% more. This can be attributed to the postulation
by Son and Cording (2005) regarding the influence of overall structural stiffness. The force
redistribution for F2, follows that of the differential settlement closely, in that, as the settlement
increases beneath the footings, the load reduces. This could be indicative of shear mode of
deformation governing. On the other hand, F4 depicts deformations indicative of the stiff slab
spanning and reducing loads in subsequent columns, i.e. for profile 3, the slab spans from
column 1 to 3 reducing the force in column 2 whereas it cantilevers towards column 3 for
profile 4 and reduces the force in column 3.
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Table 4. Columns force redistribution.
Frame 1
Column 1
Column 2
Column 3
Frame 2
Column 1
Column 2
Column 3
Frame 3
Column 1
Column 2
Column 3
Frame 4
Column 1
Column 2
Column 3

Profile 1
1
1
1

Profile 2
1.15
0.99
0.86

Profile 3
1.56
0.76
0.85

Profile 4
1.31
1.12
0.49

Profile 1
1
1
1

Profile 2
1.09
1.00
0.92

Profile 3
1.25
0.94
0.83

Profile 4
1.22
1.03
0.74

Profile 1
1
1
1

Profile 2
1.03
1.00
0.97

Profile 3
1.13
0.95
0.97

Profile 4
1.07
1.03
0.88

Profile 1
1
1
1

Profile 2
1.03
1.00
0.97

Profile 3
1.24
0.86
1.08

Profile 4
1.01
1.07
0.83

Table 5 shows the redistribution of the slab moments due to the imposed settlements. The
moment redistribution in the slabs indicate and reaffirm the behaviour deduced from the force
redistribution. The moment redistribution factor increases at joint 1, joint 2 and midspan of slab
2 while it reduces at the rest of the nodes. F1 experiences the largest moment redistribution and
even moment reversal for joint 2, for profiles 3 and 4, and at joint 4 for all three imposed
settlements. The more flexible F3 experiences less moment redistribution and moment reversal
is only present at joint 3 for profile 4.
The more flexible slab of frame 2 experiences less redistribution compared to stiffer slab of F4.
For F2, the moments at joint 2, are decreasing for slab 1 and increasing for slab 2, while joint
1 moments are increasing and joint 3 moments reducing. This could be further indicative of the
shear deformation of the frame discussed previously. The moments in F4, on the other hand,
are decreasing at joint 2 for both slabs, indicating spanning from column 1 to 3. The moments
increase at joint 2 for both spans for profile 4, cantilevering slab 2. The governing mode of
deformation could therefore be assumed as bending for the frame where the slab is stiffer than
the walls.
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Table 5. Slab moment redistribution.
Frame 1
Span
Span 1

Span 2
Frame 2
Span
Span 1

Span 2
Frame 3
Span
Span 1

Span 2
Frame 4
Span
Span 1

Span 2

Joint
Joint 1
Midspan
Joint 2
Joint 2
Midspan
Joint 3

Profile 1
1
1
1
1
1
1

Profile 2
2.70
0.84
0.35
1.60
1.17
-0.62

Profile 3
6.80
0.90
-1.68
1.38
1.69
-1.29

Profile 4
4.76
0.39
-0.18
3.35
1.30
-4.56

Joint
Joint 1
Midspan
Joint 2
Joint 2
Midspan
Joint 3

Profile 1
1
1
1
1
1
1

Profile 2
1.77
0.97
0.35
1.64
1.03
0.24

Profile 3
3.22
0.95
-0.90
2.25
1.08
-0.51

Profile 4
2.97
0.92
-0.65
2.98
1.07
-1.33

Joint
Joint 1
Midspan
Joint 2
Joint 2
Midspan
Joint 3

Profile 1
1
1
1
1
1
1

Profile 2
1.34
0.97
0.87
1.12
1.03
0.67

Profile 3
2.17
0.98
0.46
1.08
1.14
0.54

Profile 4
1.76
0.88
0.76
1.47
1.06
-0.12

Joint
Joint 1
Midspan
Joint 2
Joint 2
Midspan

Profile 1
1
1
1
1
1

Profile 2
2.15
0.96
0.92
1.05
1.06

Profile 3
5.51
1.40
0.13
0.45
1.62

Profile 4
3.19
0.61
1.18
1.54
0.87

Joint 3

1

-0.07

0.10

-3.04

6 Recommendations and Further Discussion
The current model is indicative of an unconfined aquifer settling only under the influence of
the groundwater extraction-induced pore-pressure variations and only a free-field settlement
profile is obtained. Soil settlement due to water extraction is also influenced by other factors
not discussed in this paper. These range from soil properties, overburden and infrastructure
loading, geological and man-made ground water flow alterations, the type of aquifer, confined
or unconfined and the presence of aquitards, (Cashman and Preene, 2010). Further research is
being conducted to develop a more inclusive settlement model.
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The structural frames in this study were modelled with a linear elastic FE model. The moments
and forces can, therefore, increase infinitely. The model is indicative of the behaviour of an
elastic frame, but in real structures, second order effects in steel structures and cracking in
concrete structures would result in further load and moment redistribution until failure would
occur in the structural members. The behaviour of the structure is also influenced by the relative
soil-structure stiffness (Smit and Clayton, 2011), therefore a centrifuge model is being
developed that will investigate the soil settlement and frame behaviour simultaneously.

7 Conclusion
Soil settlement due to groundwater extraction was investigated by means of a centrifuge model.
The free-field soil ground settlement resulting from the centrifuge model was then imposed
onto four different structural frames with varying global stiffnesses and relative column-slab
stiffnesses. The following conclusions could be made from the study:
·

·

·
·
·
·
·
·

The lowering of the water level in an extraction well, due to pumping, establishes a
hydraulic gradient within an aquifer. Groundwater flows towards the extraction well
resulting in the lowering of the ground water table.
The lowered ground table results in a decrease in the pore-pressure and a subsequent
increase in the soil effective stresses. Consolidation settlement ensues due to the variation
in the pore-pressures and effective stresses.
Seepage forces on the soil skeleton furthermore increases the vertical soil settlement while
inducing a component of horizontal ground movement.
The soil settlement is, however, not uniform, with the largest settlement closest to the point
of extraction and reducing with an increased distance away from the point of extraction.
The foundations of structures founded within the zone of influence of the settlement will
undergo differential settlement.
The behaviour of a framed structure founded within the zone of influence will be dictated
by the global structural stiffness as well as the relative column-slab stiffnesses.
Frames with a high global stiffness will experience more load and moment redistribution
than frames with a lower global stiffness.
The relative column-slab stiffness will dictate which mode of deformation will govern. For
frames with stiffer slabs, bending would govern, whereas for frames with stiffer columns,
shear would govern.
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Abstract
Sinkholes occur on land underlain by dolomite and in Gauteng, the most densely populated
province in South Africa, approximately twenty-five percent of the province is located on
dolomitic land. With so many people at risk, it is important to develop a method which will
reduce damage to infrastructure and minimise the possibility of injury or loss of life.
Currently, reinforced soil mattresses can be used to construct on dolomitic land. In this study,
the effect of reinforcement strength on the behaviour of a soil mattress spanning a cavity was
investigated. Three centrifuge tests were performed which included mattresses with no
reinforcement, “weak” glass-fibre reinforcement and “strong” steel reinforcement. A cavity
was created below the mattress and the displacement at the surface was measured.
Although the unreinforced soil mattress experienced less settlement initially, it failed
catastrophically and ultimately the reinforced soil mattresses performed better. Both of the
reinforcement strengths were able to span a cavity, although the mattress with stronger
reinforcement performed better than the mattress with the weaker reinforcement.
Keywords: sinkhole, soil mattress, centrifuge, reinforcement

1 Introduction
Certain parts of South Africa are prone to sudden sinkhole formation due to land being
underlain by dolomitic rock. A sinkhole forms when an arch spanning a cavity in the residuum
of dolomitic rock becomes unstable and forms a hole on the ground surface without any prior
warning. Approximately twenty five percent of Gauteng Province is prone to sinkhole
formation and with a large amount of industrial and urban development in the area (Buttrick &
Van Schalkwyk, 1998), it is important to be able to construct safely on dolomitic land and
prevent structural damage and loss of life.
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2 Dolomite
2.1 Dolomite in South Africa
Dolomite is mainly located in the Chuniespoort and Ghaap Group of the Transvaal Supergroup
(SANS 1936, 2012) which spans across several provinces of South Africa (Brink, 1979). A
significant portion of the Pretoria-Witwatersrand-Vereeniging (PWV) area in Gauteng is
located on dolomitic land, with many mines in the West Rand and North-West situated in these
dolomitic areas.

2.2 Weathering of Dolomite
Dolomite is a carbonite material that consists of alternating ions of calcium and magnesium,
separated by layers of carbonate. The rock also has discontinuities and when rainwater
combines with carbon dioxide, carbonic acid forms which travels along these discontinuities.
The acid leaches the carbonate in the dolomite, causing the discontinuities to widen and form
grykes. Steep dolomitic pinnacles are left behind and as more weathered rock is deposited over
time, the strength of the soil weakens further (Richardson, 2013).

2.3 Mechanism of Formation
A sinkhole forms due to subsurface erosion which is caused by a concentrated ingress of water
or a lowering of the water table. The subsurface erosion creates an arch which spans the cavity
and when the arch collapses, a sinkhole forms.
In the first case, cavities are present below the residuum which are in equilibrium. A
concentrated ingress of water allows the material to travel downwards through discontinuities
toward the cavity. This movement causes headward erosion and weakens the arch, eventually
causing collapse and a sinkhole on the ground surface (Richardson & Oosthuizen, 2011).
In the second case, cavities in the residuum below the water surface are in equilibrium. When
the water table lowers, the state of equilibrium in the cavity is lost and the material above the
cavity is weakened. Groundwater infiltration through the discontinuities causes further
weakening and eventually, the arch collapses as a result of headward erosion and a sinkhole is
created on the ground surface (Richardson & Oosthuizen, 2011).

3 Founding on Dolomite
The founding method chosen on dolomitic land depends largely on the depth to the top of the
pinnacles and the distance between pinnacles. There are several different methods that can be
used but this study focused on a mattress of improved material.

3.1 Soil Mattresses
A soil mattress is formed by removing the soil to a certain depth and replacing it with a good
quality material with known strength characteristics. The functions of a soil mattress include
(Wagener, 1984):
· Control the total and differential settlement
· Spread the load to an acceptable bearing pressure onto the underlying layers
· Reduce the risk of the formation of small sinkholes
Although this method is economical, soil mattresses have their limitations on deep sites where
the mattress required can become very thick and unpractical.
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3.2 Reinforced Earth
In situations where the soil mattress required is too thick, reinforced ground is a founding
option. Tension reinforcement is placed at the bottom of the mattress for additional strength
and enables the soil mattress to span a cavity. This application has its limitations as well as the
steel is corroded easily (Wagener, 1984).

4 Geosynthetics
Geosynthetics, mainly made from synthetic polymers, are used widely in the construction
industry as they are economical, perform better than most alternatives and have a lower carbon
footprint compared than most alternatives (Aydilek & Edil, 2010).

4.1 Geogrids
Geogrids are best suited for application as reinforcement and unlike most geosynthetics,
geogrids are formed into an open grid-like pattern with apertures between individual ribs in the
machine and cross-machine directions. The apertures are large enough to interlock with the
surrounding soil (Aydilek & Edil, 2010).

4.2 Geosynthetics Used as Reinforcement to Span a Cavity
Geosynthetic reinforcement can be placed within a soil mattress in order to improve its
performance when spanning over a cavity. The reinforced soil mattress is designed to prevent
a catastrophic failure or to reduce the settlement to a value such that structural damage is
prevented. The geosynthetic can withstand the load from the overlying layer without
experiencing major deflections.
Poorooshasb (2003) investigated the subsidence of geotextile gravel mats bridging sinkholes
and found that the depth of the mattress, void ratio of the mat, cavity size, strength and stiffness
of the geosynthetic influence the settlement of a reinforced soil mattress.

5 Particle Image Velocimetry (PIV)
Particle Image Velocimetry (PIV), originally developed to determine the flow in the field of
fluid mechanics, can be used as a deformation measurement system in geotechnical research.
The system measures the distortion by taking two images shortly after each other and
calculating the displacement of the particles between the two images (Take & White, 2002).
In this study, GeoPIV software was used. The module tracks the texture (variation of
brightness) within the soil through a series of images. The original image is divided into a mesh
of patches measured in units of pixels. The displacement of a patch is measured by locating the
patch with the highest correlation in the next image. The process is repeated for each patch
within a mesh and for other images within the series. Once the displacement is determined for
the series of images, strain data can also be determined (Take & White, 2002).

6 Methodology
The aim of the study was to determine the effect of reinforcement strength in the behavior of a
reinforced soil mattress spanning a cavity. Three tests were performed in the geotechnical
centrifuge at the University of Pretoria.
The first test was done with no reinforced mattress, the second test with “weak” reinforcement
and the third with “strong” reinforcement. Apart from the strength of the reinforcement, all
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other parameters were kept constant including the thickness of the mattress, density of the insitu material and the size of the cavity.

6.1 Scaling
In order for a model in a centrifuge to depict full-scale conditions, it is necessary to apply
scaling to the small-scale model. For experiments in a centrifuge, the model is usually scaled
down by a factor of N and the model is accelerated to a speed of N times the earth’s gravitational
acceleration (Viswanadham & König, 2004). For the purposes of this experiment, the value of
N was chosen to be 20. In the model, three parameters were scaled down including the linear
dimensions, particle size of mattress material and the strength of the synthetic reinforcement.
Table 1 summarises the scale factors used in the experiment.
Table 1. Summary of scale factors used for experiment (Viswanadham & König, 2004)
Parameter
Geosynthetic strain (%)
Length (m)
Displacement (mm)
Tensile strength (kN/mm)
Density

Scale factor
1
1/N
1/N
1/N
1

6.2 Model Frame and In-situ Material
The model was built in a 2D aluminium model frame with a double layer of glass on the front.
The dimensions of the inside of the box are 360 x 75 x 625mm (l x b x h). The model material
chosen was fine silica sand, more commonly referred to as “fine Cullinan sand”. The purpose
of this material was to provide a medium through which the sinkhole could propagate, rather
than representing the dolomitic material which is found on site. The density of the material was
approximately 1511 kg/m³ and the moisture content was approximately 5% (water was added
to the in-situ material in order to make the material more workable).

6.3 Sinkhole
The model frame used in this experiment had a trapdoor located at the bottom of the box which
was used to create the sinkhole. The trapdoor had a width of 100 mm, which is the equivalent
to a 2 m diameter sinkhole on site. The mechanism used to lower the trapdoor consisted of a
Linear Variable Differential Transformer (LVDT) and an actuator, which was provided by the
University of Pretoria. The stepper motor, which drives the piston that lowers the trapdoor, can
be controlled electronically from the control room during the tests and was set to lower the
trapdoor at a constant rate until a cavity formed on the surface.

6.4 Soil mattress
The theoretical site chosen for this experiment was deep dolomitic material with no dolomitic
pinnacles, boulders or bedrock present near the surface. SANS 10400 (2010) states that for sites
with the depth to dolomite pinnacles greater than 3 m, a 1.5 m – 2.5 m thick soil mattress should
be used. It was originally decided to accelerate the centrifuge to 50 times the earth’s
gravitational acceleration for this experiment but after complications with testing, the
acceleration was reduced to 20 times the earth’s gravitational acceleration. This reduced the
thickness of the prototype soil mattress from 2 m to 0.8 m which is the equivalent to a 40 mm
thick soil mattress in the model.
Throughout the experiment, the dimensions (thickness and size) of the soil mattress remained
constant (unreinforced and reinforced). The chosen size of the prototype soil mattress was 1.5
m x 7.8 m which is the equivalent to a 75 mm x 390 mm model soil mattress. The material
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used for the soil mattress was the same as for the in-situ material (fine Cullinan sand with 5%
moisture content).

6.5 Geosynthetic
Two types of reinforcements were considered in this experiment. A glass-fibre grid was chosen
as the “weaker” reinforcement while a steel grid was selected as the “stronger” reinforcement.
It is difficult to scale a model geogrid with specific full scale properties and thus, a geogrid
with similar properties to the prototype geogrid was chosen.
The glass-fibre had a percentage open area of 74 % while the steel had an open area of 80 %.
Tensile tests were performed on both materials by clamping the grid on each side and pulling
it apart at a constant rate until all the strips in the grid section failed. The tests results revealed
that the glass-fibre geogrid had a tensile strength of 15.1 kN/m in the “flat” direction and 21.5
kN/m in the “twisted” direction (The glass-fibre geogrid was laid with the “flat” strips in the
longitudinal direction) while the strength of the steel geogrid is 32.4 kN/m.

6.6 Monitoring Instruments
The monitoring instruments used during testing included LVDTs, an actuator as well as a video
camera in the centrifuge to monitor the model throughout each test.
The displacement of the surface of the soil was measured using five LVDTs. Figure 1 shows a
sketch of the configuration of the LVDTs on the model. The maximum displacement of each
LVDT is approximately 30mm.
70 mm

100 mm

1

90 mm

2

90 mm

3

90 mm

4

70 mm

5

Figure 1. LVDT layout on model
As mentioned previously, an actuator was used to move the trapdoor in the model downwards
to create a sinkhole and could be controlled in the centrifuge laboratory during testing.
A camera was mounted in front of the centrifuge which could be controlled from the centrifuge
laboratory. Once the model had been accelerated fully, the camera was programmed to take a
photo every 6 seconds in order for PIV to be performed.

6.7 Testing
During each test, the centrifuge was accelerated to 20 G, where after the trapdoor was lowered
at a constant rate of 0.1 mm/s until a sinkhole formed beneath the soil mattress. The settlement
of the mattress was recorded using 5 LVDT’s while the strains were measured using PIV
technology.
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The three tests performed included:
1. Soil mattress with no reinforcement
2. Soil mattress with “weak” reinforcement
3. Soil mattress with “strong” reinforcement

7 Analysis and Discussion of Results
7.1 Surface Settlement – Test 1 to Test 3
For each test, the surface settlements were measured as the trapdoor was lowered. LVDT 3
experienced the most settlement (the settlement in LVDT 1, 2, 4 and 5 was relatively similar
and small) in all three tests as it was located directly above the trapdoor. Hence, the surface
settlement for LVDT 3 is plotted with surface settlement for all three tests in Figure 2.

Figure 2. Surface settlement vs. trapdoor movement for LVDT 3 – Test 1 to 3
In Test 1, the surface settlement was small until the trapdoor had moved downward by
approximately 17 mm. Thereafter, the rate of displacement with trapdoor movement increased
significantly until the maximum displacement was reached. As the trapdoor started to move
downwards, the sand formed an arch over the cavity and headward erosion caused the arch to
weaken and collapse. This continued until a chimney had formed above the trapdoor.
In Test 2, the behaviour was similar to Test 1 until approximately 45 mm of trapdoor
movement. At this point in the test, a cavity started to form below the mattress. The effect of
the reinforcement becomes evident as the mattress spans over the cavity (instead of forming a
chimney), thereby reducing the displacement.
In Test 3, the rate of displacement was similar to Test 1 to begin with. While the rate of
displacement in Test 1 started to increase significantly at approximately 17 mm, the rate of
displacement of Test 3 only increased slightly. At approximately 40 mm trapdoor movement,
a cavity started to form beneath the mattress and the mattress started to span over the cavity.
The rate of settlement decreased slightly and continued at this rate until maximum trapdoor
movement was reached. The effect of the reinforcement is clear in this test, as the displacement
was significantly reduced.
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7.2 Vector Plot Analysis Using PIV– Test 1 to Test 3
PIV software was used to give the vector plots for each test at 20 mm and 60 mm of trapdoor
movement. The vector plots were taken in the location of the mattress (ie. Soil slightly below
the mattress) and the analysis was performed on the photo corresponding to the level of
trapdoor movement and the photo taken 6 seconds before. It should be noted that the size of
the vectors have been increased by a factor of 20 for easier viewing.
Figure 3 shows the quiver plots for Test 1 to 3 at 20 mm trapdoor movement with the rate of
movement of material above the trapdoor being relatively similar. The effect of the
reinforcement is evident in Test 2, where the material starts to move from the sides towards the
cavity. The chimney that forms in Test 1 is starting to form as there is little movement of
material towards the cavity. Test 3 shows the least amount of movement.

Test 1

Test 2

Test 3
Figure 3. Quiver plots of mattress at 20 mm trapdoor movement for Test 1 to 3
Figure 4 shows the quiver plots for Test 1 to 3 at 60 mm trapdoor movement. The most
movement occurs in Test 1, indicating faster displacement of material in the chimney. There is
movement of material towards the cavity in Test 2 and 3 which shows the “spreading” of the
load due to the reinforcement. The rate of movement is also larger in Test 2 than Test 3 due to
the different strengths of the reinforcement.
The vector analysis illustrates the mechanism of movement in each test and shows how the
reinforcement alters the behaviour of the material. The reinforcement decreases the average
rate of surface settlement and allows the material to “spread” the displacement over the
horizontal distance of the mattress and span over the cavity. The difference in movement
between Test 2 and 3 indicates that the strength and stiffness of the reinforcement does have an
influence on the rate of surface settlement.
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Test 1

Test 2

Test 3
Figure 4. Quiver plots of mattress at 60 mm trapdoor movement for Test 1 to 3

7.3 Maximum Incremental Shear Strain Analysis Using PIV– Test 1 to Test 3
The incremental shear strains, defined as the increments of distortion that affect a body during
deformation (Reish & Girty, n.d.), were measured at 20 and 60 mm of trapdoor movement. The
mesh used in the plots is located just below the surface of the mattress to a depth slightly below
the reinforcement. The units of measurement of strain are mm/mm, i.e. dimensionless.
Figure 5 show the shear strain plots of the mattress at 20 mm trapdoor movement. In Test 1 an
arch has formed and shows the headward erosion towards the surface. The higher strains
present at the bottom left of the arch indicate the points where the arch starts to collapse and a
chimney starts to form. In Test 2 and 3, there is an arch present that has propagated towards the
surface of the mattress. The reinforcement has not come into effect at this stage in the test. Note
that the strains experienced in Test 2 are larger than in Test 3. This difference in strains
highlights the difference in performance of the weak and strong reinforcement.
Figure 6 shows the incremental maximum shear strain plots of the mattress at 60 mm trapdoor
movement for Test 1 to 3. In Test 1, the vertical strains indicate the formation of the chimney.
The mechanism of formation is similar in Test 2 and 3 and the effect of the reinforcement is
shown. Below the mattress, there are almost parallel lines of strain present which indicate the
chimney forming below the mattress as the cavity grows in size. At the level of the
reinforcement, there are strains present. The strain experienced is higher in Test 2 than in Test
3 indicating how the “weaker” reinforcement has to work harder to support the material. This
mechanism indicates how the reinforcement prevents the propagation of shear bands to the
surface.
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Figure 5. Incremental maximum shear strain plots of mattress at 20 mm
trapdoor movement for Test 1 to 3

Figure 6. Incremental maximum shear strain plots of mattress at 60 mm
trapdoor movement for Test 1 to 3
The mechanism of formation in each test is clear in the incremental shear strain plots. The
effect of the reinforcement is highlighted as it shows how propagation of shear bands to the
surface is prevented and that the stronger reinforcement greatly reduces the strains experienced
at the position of the geogrid. This data gives more evidence of the fact that tension
reinforcement can enable a soil mattress to span a cavity.
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8 Conclusions
Given the functions of a mattress mentioned previously, Test 1 (which had no geogrid) would
most likely not meet the requirements as the settlement would have caused catastrophic damage
to a structure. As the settlement started from an early stage in the test, there would probably
not be sufficient warning before collapse of the structure.
Test 2 and 3 would most likely be able to span a sinkhole although it is difficult to determine
whether there would be enough time for occupants to escape safely due to the amount of
settlement experienced in each case.
Based on the analysis completed, the following conclusions are made:
· The unreinforced soil mattress was able to span the cavity until approximately 17 mm of
trapdoor movement, when the arch reached the surface and a chimney formed in the soil.
· Both reinforcing strengths in the soil mattresses were strong enough to span the cavity that
formed. However, the mattress with stronger reinforcement experienced less settlement
than the mattress with weaker reinforcement.
· Strain and surface settlement profiles suggest that the reinforcing started to carry a load at
approximately 47 mm trapdoor movement in Test 2 and 3.
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Abstract
Ground subsidence events can happen naturally and through human activities. It would be
beneficial to have an early warning system in place to detect subsidence.
The purpose of the study is to test a subsidence detection system under different soil strength
characteristics to observe if such a system operates effectively under each condition and to
determine the sensitivity of the system. The system consists of a tensioned cable spanning
horizontally beneath the surface.
The tests comprised of trapdoor experiments. The settlement of the trapdoor and soil surface
was measured to find the relationships between the response of the tensioned cable and the
settlements imposed. Different sensitivities were observed for different conditions. The
partially saturated sand tests had the highest sensitivities, excluding the cemented layer. The
system was found to operate effectively for all conditions tested. Higher strength soils generate
larger responses except for the cemented layer test which had diminished performance.

Keywords: Centrifuge, Subsidence, Warning system

1 Introduction
Subsidence is a downward movement of the Earth’s surface which can either happen suddenly
or gradually over time. This movement can happen in rural or populated areas, due to mining
or water pipes leaking into the soil. Damage can subsequently be incurred to buildings or
infrastructure.
It is therefore necessary to monitor locations prone to subsidence to prevent excessive damage
occurring to infrastructure. This paper focuses on a detection system which operates as an early
warning system when subsidence occurs. The detection system consists of a tensioned cable
suspended horizontally beneath the soil surface and connected to a load cell. The aim of the
study was to determine if such a detection system would function as a warning system under
different soil strength characteristics.
Different subsidence detection methods exist such as inclinometers, extensometers and
Interferometric Synthetic Aperture Radar (InSAR). InSAR can survey the surface of the earth
to create topographical details. This method, however, does not offer continuous monitoring
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and cannot be used as effectively in an urban environment due to the density of buildings and
infrastructure. Extensometers measure localised vertical settlement and inclinometers measure
horizontal displacement of the soil.
The detection system used in the study however does not aim to measure settlement but detect
the occurrence of settlement over a large area and act as a warning mechanism.

2 Previous Work
2.1 Unsaturated soil behaviour
Unsaturated soils are the largest portion of soils that behave differently to soil mechanics based
on saturated soil mechanics (Fredlund,Rahardjo, Fredlund., 2012). It is important to distinguish
between saturated and unsaturated soil states due to the basic differences in the soil properties
and its response to engineering application. Unsaturated soil consists of various phases a solid,
liquid and gaseous phase, which results in a negative pore water pressure relative to the poreair pressure. Any soil located near the ground surface and where the water table is located some
distance below the surface will be subjected to these pressures (Fredlund,Rahardjo, Fredlund.,
2012).
The subsidence detection system will most likely always be installed in an unsaturated soil
environment. Therefore, a better understanding of how unsaturated soil behaves is necessary to
understand how this will affect the detection system.
2.1.1 Surface tension
The Van der Waals forces between water molecules are in balance furthest from the surface.
The molecules closest to the surface form stronger bonds with other molecules closest to the
surface resulting in an imbalance in forces. As a result, a force is needed to maintain equilibrium
in the surface, the surface tension force therefore acts as this force (Lu and Likos., 2004).
2.1.2 Capillarity
Suction pressures or tension in pore water are caused by capillary actions. The height that water
can rise due to capillary action before reaching equilibrium can be used as a rough estimate of
the maximum expected pore water tension or the formation of capillary pressures. The effective
grain size (D10) is the factor determining the height equilibrium will be reached (Wu et al.,
1984).
The height of the capillary rise is affected by the diameter of the tube, the smaller the tube the
higher it will rise. Therefore, the smaller the void spaces between particles the higher capillary
rise will occur.
The height is a good estimate of the capillary pressures between particles and it is these
pressures which keep particles together. Larger void spaces between particles will prevent
surface tension from forming between particles reducing the pressures.

2.2 Geotechnical centrifuge modelling
Theoretical models can be complimented with the use of physical models. In most scientific
fields, proper models and area available are normally sufficient to provide accurate data. In
geomechanics the self-weight of the soil is very important to consider (Schofield., 1980). The
use of a centrifuge will provide the means to generate sufficient acceleration on a sample so
that the sample effectively attains a larger mass, which allows many different tests to be
conducted.
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Small scale physical models of a representative soil sample do not reflect the real-world stresses
which are present in the soil. Due to stresses, which increases linearly with depth as stated by
Knappett and Graig (2012) in the soil, small scale models will represent much smaller stresses
present within the soil and would therefore not depict accurate full scale model phenomena
(Jacobsz., 2012).
Scaling laws must be applied to the sample to replicate the full-scale model which is being
simulated. The relationship of hp = N*hm is used to determine the correct ratio where h p
represents the full-scale height of the soil and h m represents the small-scale model height of the
soil. The acceleration factor N, which represents the amount of g-acceleration the small-scale
model will undergo (Jacobsz., 2012).
2.2.1 University of Pretoria geotechnical centrifuge
The geotechnical centrifuge is a 150g instrument meaning a mass of a 1000kg can be
accelerated to a 150 times the earth’s gravitational acceleration (Jacobsz., 2012). The centrifuge
has a model platform which can accommodate a model with an area of 1.0m x 0.8m and head
clearance of 1.3m. The centrifuge axis is 3m away from the model platform base, meaning at
150g the model will be travelling at a speed of 240 km/h (Jacobsz., 2012).
The centrifuge has a counter balance system which is adjusted at 4.5g and is monitored then
throughout the test to ensure balance and safety in the system (Jacobsz., 2012).

3 Experimental procedure
The detection system used in the study comprised of a tensioned cable attached to a load cell
acting in bending. The load cell used comprised a half Wheatstone bridge and the strain gauges
used had a resistance of 120Ω. The detection system was tested using an experimental model
utilising the centrifuge at the University of Pretoria. The data from the experiment was logged
with a digital data acquisition (digiDAQ) logger. An excitation voltage of ±5V was received
by the load cell and an amplification factor of 142 was achieved by using a gain resistor of
350Ω.
The experiments were conducted in an aluminium model which comprised a trapdoor, glass
panes, pressure transducer, stepper motor and linear variable differential transformers
(LVDTs). The tensioned cable and load cell were installed 20mm below the surface of the soil
used in the tests. There were 5 LVDTs used on the surface of the soil to monitor the settlements
at the surface. The trapdoor settlement was also measured with an LVDT. Figure 1 illustrates
a schematic of the experimental model set-up.

Figure 1. Experimental model set-up
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The study consisted of 4 tests done with fine sand. The first test was done with dry sand and
the remainder with partially saturated sand. In the third test, the influence of a soil mattress was
investigated and the fourth, the influence of a cemented upper layer.

Figure 2. Complete set-up of model

Figure 3. Centrifuge with model
The centrifuge had to be set up for the model by indicating the mass of the model, the height
to models centre of mass and setting the distance to where the gravitational acceleration will
be applied. This was done for the centrifuge to determine how fast it must rotate and in what
position of the counterweight must be located. The height to the where gravitational
acceleration will be applied was set at 250mm, the mass of the model was 290kg and the height
to the centre of the mass was 400mm.
The digiDAQ logger was connected to an Ethernet cable and the necessary power ports. The
LVDTs, load cell, pressure transducer and the subsidence detection system was connected onto
the digiDAQ logger. The stepper motor was attached to be controlled from the computer
software.
A camera was set-up facing the models glass panes to capture photos during testing. The camera
was set to manual focus, because the automatic focus would adjust during testing and would
therefore make photos incomparable for Photo Image Velocimetry (PIV) software.
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4 Experimental Results
4.1 Calibration of detection system
The load cell measuring the tension in the cable was only zeroed before testing for the recorded
data to represent the correct output values in millivolts. The reason a calibration from output
voltage to force was not done was because a value in force would have the same meaning as
the output voltage. The output voltage was used as the measuring unit as it will be easier to
compare to other similar setups.
The sensitivity of the load cell could not be determined at full scale, due to the lack of
information regarding the material properties of the load cell setup and the way the soil
generates force in the tensioned cable. To be able to achieve some normalisation for the results
all graphs plotted with the output voltage, were adjusted so that the output voltage was divided
by the excitation voltage. Therefore, the sensitivity was taken as the maximum value achieved
by the results in each test.

4.2 Tensioned cable response over time
The tensioned cable responses were plotted against time and compared against the readings of
the LVDTs to determine at what stage in the retraction of the trapdoor the tensioned cable
registered an output compared to the LVDTs. It must be noted that the LVDTs measured only
vertical movement which occurred during testing and that the tensioned cable system can be
affected by some horizontal pressures and forces in the ground. The horizontal spanning of the
cable makes it possible for horizontal movement of the sand to cause an additional horizontal
force in the cable due to the friction between the sand and the cable. The force generated in the
cable is a tension force and would therefore have a horizontal component. The cable would
already have some tension in it before testing due to acceleration in the centrifuge.

Figure 4. Forces in tensioned cable
Figure 4 illustrates the location of the tensioned cable and its distance below the soil surface.
The downward movement of the of the soil caused an increased tension force in the soil as
illustrated in Figure 4 which in turn produces the output voltage in the load cell. A horizontal
movement of the sand or an increase in horizontal pressure to the inside of the model would
cause a decreased tension force in the cable.
The locations and numbering of the LVDTs are illustrated in Figure 4.
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The tension force of the cable is described by the following equation:
Tension Force =

W

(1)

2sinθ
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Figure 5. Tensioned cable response versus time for test 3
Figure 5 illustrates the response of the tensioned cable over time for test 3. The starting time
was taken when the trapdoor was started to lower at its constant rate. As can be observed in
Figure 5, a delay was experienced. The delay was shorter in time for the dry sand test as for the
partially saturated sand tests. It was interesting to note in the cemented layer test (test4), the
response gave a positive reading at the beginning which indicated a reduction in the tension
force and could mean an increase in horizontal pressure. This however was not further
investigated in this paper.

4.3 Sensitivity
The sensitivity of the subsidence detection system as previously discussed could not be
accurately determined as the full-scale load and characteristics are not known and would have
been very difficult to obtain. To normalise the results all the responses were divided by the
excitation voltage of the digiDAQ logger.
The formula defining sensitivity is given as follows:
Sensitivity =

UA

(2)

UE

Sensitivity is a function of the output voltage at full scale over the excitation voltage of the
logger. The output voltage is determined by measuring the strains of the system and the
stiffness. It was therefore, decided to acknowledge the maximum output value of each test as
the output voltage at full scale and determined the sensitivity for each test condition
subsequently.
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Figure 7. Trapdoor settlement sensitivity
Figures 6 and 7 illustrate the sensitivities of the tensioned cable for the tests performed. From
both figures, it was evident that the test 2 and 3 which had the partially saturated sand had the
highest sensitivities. Test 3 which had the reinforced mesh installed had a higher sensitivity for
detecting the trapdoor settlement and test 2 at the surface settlement. Test 4 which had the
cemented sand layer showed the lowest sensitivity in both tests.

4.4 Tensioned cable response with settlement
Tensioned cable response against settlement made it possible to determine what range of
settlement the tensioned cable is insensitive. In all the test results the tensioned cable showed
some delay before indicating a response. It is interesting to note that even though the sensitivity
of the tensioned cable in test 1 was lower than test 2 and test 3, it showed a shorter delay. It
would indicate that the subsidence detection system might be insensitive to large settlements
in dry sand but it will give early warning of movement, whereas in stronger sands, such as test
2 and 3, the tensioned cable shows higher sensitivities for large settlements but does not give
such early warning as for dry sand. This is because of the way the strength of the soil interacts
with the cable under the different conditions.
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Figure 8. Trapdoor settlement versus surface settlement for test 3
Figure 8 illustrates the response of the warning system for test 3 against the surface and the
trapdoor settlement. The tensioned cable responses were compared to the coinciding settlement
values of the surface and trapdoor. This was done to determine if a settlement value could be
linked to a response value. This is difficult since the horizontal spanning cable would not give
a uniform response for the entire span length. The trapdoor settlement was used to observe the
delay of the warning system relative to the surface settlement. For the test conditions, the
maximum settlement which was measured by LVDT 3 in the middle of the model above the
trapdoor was used to compare a response value to settlement.
In practice, a subsidence could occur anywhere along the length of the cable. The deflection in
the cable would react differently from what was tested in this report.

4. Effectiveness of the subsidence detection system
The purpose of the detection system is to function as a warning system which can be installed
across a site to monitor settlements taking place. It can then to warn the relevant parties
occupying a structure early enough for timeous evacuation or possibly damage prevention to
take place. The most basic definition for determining the effectiveness of the detection system,
recording settlements taking place, is true for all the test conditions albeit not for very small
settlements. This however is critical as small settlements are an indication of larger subsidence
events which are likely to occur and can cause considerable damage. The best option to detect
settlements would be to install a geogrid in the mattress underneath the buildings with the
cables acting as a warning system
It would be more helpful to compare the effectiveness of the detection system of each condition
with each other to determine what conditions the system is most effective. To make the
comparison the maximum sensitivity for each test will be used. To make the comparison the
control test was normalised to 100 and the other tests were compared relative to that number to
achieve a percentage difference.
Table 1. Effectiveness ratios of the tests
TEST no

Sensitivity (mV/V)

Effectiveness

Ratio

Test 1

-0.03626

100

1

Test 2

-0.19715

544

5.44

Test 3

-0.26685

736

7.36

Test 4

-0.01352

37

0.37
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As can be observed from Table 1, the subsidence detection system is the most effective for
conditions which were simulated in test 3 and the least effective for conditions in test 4. The
detection system is 7.36 times more effective for a condition with a soil mattress and 0.37 times
less effective with cemented sand relative to dry sand conditions.
The above effective ratios are only a guide as to how the system operates relative to the different
conditions and test conditions.
To determine whether warning at specific values, should be given is difficult to quantify, since
subsidence events could be caused by various mechanisms and can happen at different rates. If
this subsidence detection was to be installed in practice it would monitor continuously and the
variations in response could be expected. Therefore, it should be assumed that when sufficient
change in the response has taken place, an investigation should be done.

5 Conclusions and future work
5.1 Conclusions
A tensioned cable was constructed to record settlements continuously throughout a test while
a trapdoor was being lowered at a constant rate.
The tensioned cable’s response shows a gradual increase over time as settlement is taking place
until it reaches a point where it follows a constant rate.
The tensioned cable’s response showed a delay in measuring settlement for the partially
saturated sands and the cemented sand layer tests.
The output of the tensioned cable differs depending on the soil conditions.
Different sensitivities are observed for the tensioned cable for different conditions. The highest
sensitivities were experienced for conditions where the sand was partially saturated. The lowest
sensitivity was experienced with the cemented sand layer.
The subsidence detection system operates at different effectiveness levels for different soil
conditions. However, it is important to note that it does operate effectively for all the conditions
which were tested in the study. It seems that the detection system is subject to the strength of
the soil it is placed in. The lower the strength of the soil the less of a response is generated.
Higher strengths lead to higher response values. However, an increase in soil stiffness leads to
diminished performance as could be seen from the cemented sand layer test.

5. Recommendations
The following recommendations could help improve the experiment for future experimental
work.
5..1 Trapdoor
For this study, the trapdoor system was only de-aired before the first test and it was assumed
that the system was closed and that no air would be able to enter the system.
It is advised to de-air before each test to ensure that the trapdoor functions properly and that
irregularities do not occur. For this study, it is assumed no such irregularities played a
significant role in corrupting any of the data as the trapdoor functioned normally.
5..2 Soil types
For the experimental work, only one soil type was considered for this study. Sand was the only
material considered to focus on different strengthening materials and the lack of time for using
the centrifuge. The model was used for three different studies simultaneously and therefore,
only one material was chosen for all studies to have applicable data.
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It would therefore, be beneficial for future experimental work to consider different soil types
in which subsiding events are more likely to occur and observe if the detection system will
function effectively for different soil types as well.
5..3 Rate of settlement
The rate at which the trapdoor was lowered was kept constant for all the tests which was
0.1mm/s. This was done to have the tests comparable to each other.
It could be beneficial if different rates are applied and observe if the detection records similar
data or if the rate of settlement has a large effect.
5..4 Areas of subsidence occurrences
For this study, the subsidence effect occurs in the centre of the detection system. It is
recommended to do further tests where the subsidence can occur anywhere along the cable to
determine the true efficiency of the detection system.
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Abstract
Integral bridges have no bearings or expansion joints between the abutments and the deck,
allowing the abutment and the superstructure to behave as a single structural unit. The backfill
soil retained by the abutment is subjected to temperature-induced cyclic loading, resulting in a
ratcheting effect, with soil pressure behind the abutment gradually increasing with the number
of load cycles. Uncertainty exists regarding the magnitude of these earth pressures. This study
analyses the pressures accumulating in the soil by using the Discrete Element Method (DEM)
in STAR-CCM+. The calibration of DEM and the validation of the reduction of the Young’s
Modulus to decrease simulation times is included. The Young’s Modulus could be reduced
1 000 times, with simulations running 33 times faster, without significant loss of accuracy. The
results show that the lateral earth pressure did not reach full passive state conditions when
modelling spherical particles, however the active state was reached upon unloading.
Keywords: integral bridge abutments, discrete element method

1 Introduction
Integral bridges are designed without expansion joints or bearings. This results in a rigid
connection between the abutments and the deck. The magnitude of the lateral earth pressure in
the backfill as a result of temperature-induced cyclic loading remains unclear. This study
investigates the build-up of lateral earth pressure behind the abutments using spherical granular
particles and the Discrete Element Method with STAR-CCM+.

2 Background
Daily and seasonal temperature variations cause the deck of a bridge to expand and contract.
However, the abutments which support the deck are only marginally sensitive to changes in air
temperature and therefore remain spatially fixed. Conventional bridges make use of expansion
joints and bearings to accommodate for the relative movement between the abutments and the
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deck. This prevents temperature-induced stresses from developing between the abutments and
the superstructure (Clayton et al., 2006).
Over the past 30 years, engineers have become progressively more aware of the disadvantages
of the use of joints and bearings in bridges. These joints and bearings are known to be expensive
to purchase, install, repair and maintain. Integral bridges have been designed to eliminate the
problems associated with these expansion joints and bearings (Clayton et al., 2006).
Integral bridges can be viewed as a single structural unit, since there are no bearings or joints
present in an integral bridge. The use of integral bridges reduces maintenance costs, simplifies
the construction process, eliminates the cost of movement joints and bearings as well as
provides greater earthquake resistance (Biddle et al., 1997). Figure 1 shows a comparison of a
conventional bridge to an integral bridge.

Figure 1. a) A conventional bridge and b) an integral bridge (Clayton et al. 2006).
The major problem with integral bridges arises from the temperature variations experienced by
the deck. Since there is an integral connection between the abutments and the superstructure,
the abutments are forced to move relative to the soil it retains. The abutment moves away from
the soil when the deck contracts as a result of a temperature decrease and moves towards the
soil when the bridge expands as a result of a temperature increase. The soil behind the abutment
is exposed to temperature-induced cyclic loading as a result of the movements of the abutments.
Uncertainties about the ultimate magnitude of the lateral earth pressure behind the abutments
have arisen (Xu et al., 2007).
Xu et al. (2007) showed that the particle shape of the material plays an important role in the
development of lateral earth pressures behind the abutments of integral bridges. Radial straincontrolled cyclic stress path tests were performed on two types of materials, namely a coarse
sand and spherical glass ballotini. A build-up of lateral stress in the sand specimens was
measured and was believed to be a result of increased grain interlocking between the particles.
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The interlocking was achieved progressively as the particles rotated when close to the active
state. The degree of interlocking during cycling did not increase for the spherical glass ballotini.
The Discrete Element Method (DEM) is a calculation method used to solve for forces,
accelerations and finally displacements of particles, generally spheres. The method makes use
of spheres defined in terms of geometry and stiffness. The forces on these spheres are found
using a force-displacement law. These resulting forces are then substituted into Newton’s
second law to obtain the accelerations. The accelerations are then used with equations of motion
to solve for the displacements of the spheres. The Discrete Element Method is an example of
cycling through a force-displacement law and the laws of motion (Cundall and Strack, 1979).
The deformations of the individual particles in DEM are small when compared to the
deformations of a granular assembly as a whole. The deformations of a granular assembly is
largely due to the particles moving as rigid bodies. This means that the particle deformation
does not necessarily need to be modelled exactly in order to obtain an accurate approximation
of the mechanical behaviour. Particles may overlap one another at contact points to act as an
equivalent to the deformations of the individual particles. The overlaps between particles are
small with respect to the size of the particles (Cundall and Strack, 1979).
The predictions of the Discrete Element Method are largely dependent on the input parameters
of the particles. One of the most important parameters required when using DEM with granular
materials is the particle-particle friction coefficient. This coefficient relates to the angle of
repose of the granular material. The required particle-particle friction coefficient can be found
by performing self-gravity sediment tests until a desired angle of repose is obtained
(Coetzee, 2016).
DEM is known to have extremely high computational costs. Possible methods to reduce these
computational costs include upscaling the particle sizes or reducing the contact stiffness of the
materials. This is a result of the size of the time step used in DEM being proportional to the
radius of the particle and inversely proportional to the square root of the contact stiffness
(Coetzee, 2017).

3 Research Methodology
DEM was used to model the cyclic loading of the abutment on the backfilled soil. This section
illustrates how the granular particles were calibrated in DEM as well as the DEM model which
was used. A validation of the reduction of Young’s Modulus is also shown. STAR-CCM+ was
used to perform the simulations. STAR-CCM+ is commercial software developed by CDadapco which is primarily used for modelling Computational Fluid Dynamics (CFD), however
also has DEM modelling capabilities.

3.1 DEM Calibration
The granular particles were calibrated using a drop test. The drop test involved dropping
particles from a certain height and allowing them to settle under gravitational loads only. The
angle of repose of the heap of particles was measured once they had settled and a state of zero
velocity was reached. The particle-particle friction coefficient was changed until a desired
angle of repose of 33° was obtained.
A total of 16 000 spherical granular particles were dropped from a height of 0.15 m. The
particles had diameters of 5 mm. Figure 2 shows an intermediate step of the drop test to
illustrate the height of the drop as well as the rate of flow. The results from the drop test are
shown in Figure 3. A particle-particle friction coefficient of 0.45 was found to give an angle of
repose of 33°.
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Figure 2. Intermediate step of DEM drop test.

Figure 3. Angle of repose obtained from DEM drop tests.

3.2 DEM Model
The DEM model which was used included a small box in which the particles were placed and
a rigid concrete wall which rotated about a hinged point (see Figure 4). The box had a square
base with dimensions of 0.15 m x 0.15 m and a height of 0.35 m. A total of 63 000 granular
particles with diameters of 5 mm were filled into the box. The particles were allowed to settle
under gravity until a state of zero velocity was reached.
The angle of the rotation was determined from data obtained from an existing integral bridge.
The bridge considered is a 90 m long integral bridge on the N1 near Trompsburg in the
Free State and is the longest integral bridge in South Africa. The bridge was installed with
approximately 500 channels of instrumentation, including temperature and humidity sensors
along the deck of the bridge. These sensors were used to find that the maximum daily
temperature variation could be as high as 30 °C.
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A linear thermal coefficient of expansion of 12 x 10-6 °C-1 for concrete and a length of 45 m
was used to calculate the expansion of the deck of the bridge. It was calculated that this bridge
would experience a maximum displacement of 16.2 mm on either side of the deck. It was
assumed that the deck would expand and contract with the same magnitude i.e. half of the
maximum displacement. The height of the abutments of the Van Zylspruit Bridge is 6 m and a
horizontal displacement of 8.1 mm was calculated for the deck. Therefore, a rotation angle of
0.00135 radians (0.077°) could be calculated for the abutment. This rotation angle was used for
the DEM model in this study.

Figure 4. DEM model.

3.3 Reduction of Young’s Modulus
A value of 70 GPa was used for the Young’s Modulus of an individual granular particle, i.e. a
typical value for quartz. This value resulted in extremely high computational times in STARCCM+. The reduction of the Young’s Modulus of a particle is a common technique used in
DEM to speed up the computational times (Coetzee, 2017). The methods used to verify this
reduction are dependent on the application of the particles. This study used various methods to
determine how much the Young’s Modulus could be reduced. The following parameters were
analysed in the assessment of these methods:
· Coefficient of active state lateral earth pressure.
· Comparison of density with depth.
· Average normal overlap between the particles.
The Young’s Modulus of 70 GPa was reduced with factors of 100, 1 000 and 10 000, i.e. to
values of 700 MPa, 70 MPa and 7 MPa respectively. A single, full rotational cycle of the
abutment was used to assess material behaviour for each value of the Young’s Moduli. Only
spherical shapes were considered when validating the reduction of the Young’s Modulus. A
small fraction of the rotational cycle was simulated for the 70 GPa and the expected time to
simulate the entire cycle was calculated. This was done in order to compare how much faster
the reduced Young’s Modulus values simulated.
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A summary of the computational times obtained for the single, full rotational cycle of the
abutment for each of the Young’s Modulus values is shown in Table 1. The table shows that
using the 70 GPa particles for the simulation would have resulted in computational times which
were far too high. The simulation with the 700 MPa particles completed a full cycle almost
eight times faster than the expected computational times of the 70 GPa particles. The
computational times obtained from the 70 and 7 MPa particles provided much faster times than
the 70 GPa particles, with the 70 MPa particles running almost 33 times faster and the 7 MPa
particles over 100 times faster.
Table 1. Summary of computational times for different Young’s Moduli.
Young’s
Modulus
7 MPa
70 MPa
700 MPa
70 GPa

Reduction
factor
10 000
1 000
100
1

Time taken for a single,
full rotational cycle
7.31 hours (0.30 days)
25.56 hours (1.07 days)
106.10 hours (4.42 days)
841.75 hours (35.08 days)

Percentage faster than
70 GPa particles
11 510 %
3 292 %
793 %
-

The first method used to validate the reduction in Young’s Modulus was to compare the
calculated lateral earth pressure coefficients against the theoretical coefficients for an angle of
repose of 33°. Since only one cycle was imposed on the soil, and because the imposed
movement of the rotating wall was small, the passive state was not reached. The coefficients
compared were only for the active state. Figure 5 presents the lateral earth pressure coefficients
obtained for the three Young’s Modulus values as well as the theoretical value calculated. The
figure shows that the lateral earth pressure coefficients were approaching the theoretical value
as the Young’s Modulus was increased. The 70 MPa and 700 MPa particles yielded reasonable
coefficients as opposed to the 7 MPa particles.

Figure 5. Comparison of Ka values for various Young’s Moduli.
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The amount of deformation of a particle is related to the overlap that is generated between the
particles. The overlap is related to the Young’s Modulus of the particles. This means that a
Young’s Modulus which is too low would result in excessively large overlaps between the
particles. This would consequently result in an unrealistically high bulk density of the system.
The densities with depth for the various Young’s Moduli were compared for the next validation
method. Figure 6 shows this comparison. The figure shows that the results from the 70 MPa
and 700 MPa particles yielded similar densities, whereas the 7 MPa particles resulted in much
larger densities near the bottom. This suggested that a Young’s Modulus of 7 MPa was too soft
to model soil behaviour realistically.

Figure 6. Comparison of densities with depth for various Young’s Moduli.
The final method which was used to validate the reduction in Young’s Modulus was to assess
the average normal overlap between the particles. Work from previous literature has suggested
that this overlap should not exceed a certain percentage of the radius of the particle. The limits
used in this study were obtained from Coetzee (2017). Limits for the overlap of 1 %, 0.5 % and
0.3 % of the particle radius were used for this assessment. The results from the single, full cycle
of the abutment is shown in Figure 7. The overlap from the 700 MPa particles was well below
all of the limits and the overlap from the 7 MPa particles exceeded each of these limits. The
average normal overlap resulting from the 70 MPa particles adhered to the 1 % and 0.5 %
limits, however was relatively close to the 0.3 % limit.
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Figure 7. Comparison of average normal overlap for various Young’s Moduli during one
wall rotation cycle.
Based on the validation tests which were performed, it was decided that a Young’s Modulus of
70 MPa would be used for the particles. This value would yield the quickest simulation times,
without compromising the accuracy of the results.

4 Test Results and Discussion
The theoretical active and passive lateral earth pressure coefficients could be calculated with
Equations 1 and 2 respectively. The coefficients were calculated using a friction angle of 33°.
A value of 0.29 was calculated for Ka whereas Kp was calculated as 3.39.
#$%&'()

!

= "#*%&'() +

,

= "#$%&'() +

(1)
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The rigid wall in the DEM model was rotated 25 times in the active and passive directions. The
bulk density of the system was determined for the simulation. The bulk density is plotted with
the number of cycles of the wall in Figure 8. The figure shows that the density increased as the
number of cycles increased. This was a result of the sand particles bring compacted by the
movements of the wall. After 20 cycles, the density began to level off.
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Figure 8. Density versus number of cycles.
STAR-CCM+ returned the total horizontal force acting on the wall. This force was used to back
calculate the active and passive state earth coefficients for the 25 cycles of the wall. A value of
0.325 was obtained for the active state lateral earth pressure coefficient (Ka). This value was
close to the theoretical value of 0.29. The difference between these values was attributed to the
reduced Young’s Modulus value which was used in the simulations.
Figure 9 shows the passive state lateral earth pressure coefficient versus number of cycles. The
figure shows that the Kp values increased for the first 10 cycles of the wall. This increase is
suggested to be a result of the densification of the particles. The value of the coefficient began
to plateau from cycle 10 to cycle 20. After 20 cycles, the Kp values had levelled off to a value
of around 0.675. This value was far below the theoretical calculated value of 3.39. This suggests
that the horizontal pressures behind an integral bridge abutment should not reach the passive
state for spherical particles.

Figure 9. Passive state lateral earth pressure coefficient (Kp) versus number of cycles.
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5 Conclusions and Recommendations
The Discrete Element Method was used to model the behaviour of backfill behind integral
bridge abutments. It was shown that the Young’s Modulus could be reduced by a factor of
1 000 and realistic results could still be obtained. This was done to speed up the computational
times in STAR-CCM+. The reduction factor of 1 000 to the Young’s Modulus resulted in
simulations which were almost 33 times faster than the original Young’s Modulus. Only
spherical shaped granular particles with diameters of 5 mm were modelled for this study.
The results from the DEM model showed that active conditions in the soil were reached for the
first cycle of the integral bridge abutment. However, for spherical shaped particles, the
horizontal forces acting on the wall were far from reaching passive state conditions. This was
because interlocking between the particles was not possible for perfectly shaped spheres.
The following recommendations for further research are given:
· Larger models should be used for a more realistic representation of the backfill behind
integral bridge abutments.
· Smaller particle sizes should be used to better represent the sizes of soils used as backfill.
· Various particle shapes should be tested to observe the mechanisms which could develop
in the backfill.
· A graded material could be used in the DEM model to better replicate the movements in
the backfill material.
· The number of cycles should be increased to determine whether the densities and lateral
earth pressures remain level.
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Abstract
Estimating the probability of failure for embankments is not intuitive. It requires not only an
appreciation of the strength of the embankment, but an understanding of the variability and
uncertainty in the strength parameters as well. These additional aspects are, in themselves,
relatively new to most practicing engineers, and therefore require some discussion.
This paper discusses the concepts of probability and uncertainty, and presents a reliabilitybased numerical experiment, together with a literary study and collation of some of the author’s
historical slope stability analyses, to investigate whether a direct relationship between safety
factors and probabilities of failure exists for certain levels of uncertainty in strength parameters.
In doing so, a useful tool is presented whereby knowing the uncertainty and safety factor, one
can infer an approximate probability of failure.
Keywords: stability, reliability, uncertainty, cov, probability.

1 Introduction
Engineering experience, and the ability to estimate the strength and stiffness of a soil, or the
safety factor (SF) of an embankment, is something that comes with time and (by definition)
experience. Estimating the probability of failure (PoF) of that soil or embankment is not as
intuitive. Research into reliability-based analysis (RBA) has taught us that PoF is highly
dependent on variability and uncertainty in the strength of our geotechnical structures, and since
this uncertainty is not always identifiable, it is near impossible to estimate the PoF.
Notwithstanding this, once we develop our understanding of variability and uncertainty in our
geotechnical parameters, and with the ability to relate uncertainty to measureable units (thanks
to the like of Gregory Baecher and John Christian), there is the potential to subsequently
develop our ability to estimate PoF.
The concepts of probability and uncertainty are discussed in this paper, after which, a numerical
experiment using RBA is presented, together with a literary study and collation of some of the
author’s historical slope stability analyses, to investigate whether a direct relationship between
SF and PoF exists for certain levels of uncertainty in strength parameters.
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2 Probability Concepts
When using terms such as ‘uncertainty’, ‘chance’, ‘random’ and ‘probability of failure’, the
typical geotechnical engineer may implicitly believe they understand the definition of these
terms, yet are unaware of some of the philosophical issues underlying them. It is only once
more thought is put into their meaning that certain of these conflicting ideas become apparent,
and it was therefore deemed necessary to define these terms in the context in which they are
applied.
Randomness and uncertainty:
·

Randomness, or a random event, is assumed to be caused by chance and is unpredictable.
Examples of random events include natural processes such as earthquakes or severe rainfall
events. Individual events such as these may be completely unpredictable, except in the
relative frequencies in which they occur, i.e. the collective history of the events over a long
period could have a regular pattern.

·

Uncertainty is something unknown or unverified, but not unpredictable. It is the strength
of opinion or degree of belief in something, and is dependent on qualitative assessment,
reasoning and intuition. In geotechnical engineering, there are generally three categories of
uncertainties, namely ‘natural variability’, ‘knowledge uncertainty’ and ‘decision
uncertainty’ as described below.

Categories of uncertainty:
·

Natural variability is the randomness of natural processes such as the spatial difference in
ground conditions, geology or depth to the water table. In the context of this study, it could
be the variability in the composition of the tailings material as a result of an inconsistent
milling process.

·

Knowledge uncertainty is the lack of data, information or understanding that limits our
ability to model reality. In geotechnical engineering, this could be the uncertainty in the
site investigation/characterisation, the uncertainty in parameters derived from the
inaccuracy in the testing procedure and limited sampling, and/or the uncertainty in which
the chosen model (mathematical or statistical) represents reality.

·

Decision uncertainty is our inability to model social aspects such as the local community
objectives, aversion to risk and/or project planning timelines.

Probability of failure:
Just as uncertainty can be considered as both natural variability and degree of belief, so too can
the concept of probability. Since the origin of modern probability theory in the 1600’s,
probability has been defined as either the relative frequency of occurrence in a large number of
trials (commonly known as the Frequentist approach), or the degree of belief in the outcome of
an event (commonly known as the Bayesian approach).
To illustrate this notion, consider a PoF of a tailings dam of 1%. This could be related to a 1%
probability that the SF for the critical slip surface will be less than 1.0, or a probability of 1 out
of every 100 similar tailings facilities failing. For engineering purposes, these two concepts,
frequency and belief, complement one another and serve as a useful manner in which to
conceptualise computed probabilities of failure.
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Additionally, the effect of time is not explicitly referenced in calculated probabilities of failure,
and is therefore expressed on an annual basis. Time-related probabilities of failure can,
however, be included if the failure is assumed to apply for randomly occurring failure events
such as earthquakes or 1:100 year rainfall events.

3 Geotechnical Material Uncertainty
The evaluation of material properties is an important task of geotechnical engineering that
differentiates it from other fields of engineering, particularly that of structural engineering. The
variability of geotechnical materials is higher and more complex than, for example structural
materials, and it therefore requires careful evaluation.
A useful means to represent variation in a parameter is by the coefficient of variation (COV),
a dimensionless ratio that is independent of the units of the parameter and can therefore be used
to compare the variations of many different parameters. The COV is calculated as follows:
$

!" = # %

(1)

Where:
σ = Standard deviation of the parameter
μ = Mean of the parameter
An abundance of COV data for various geotechnical parameters has been gathered and
published since the late 1960’s; tabulated summaries of which can be found in (Baecher &
Christian, 2003) for various soil types and based on various means of measurement (in-situ and
laboratory testing methods). A selection of these is presented below:
Table 1. Coefficients of variation for certain geotechnical parameters (Extracted from
(Baecher & Christian, 2003)).
Geotechnical Parameter
Angle of friction (sands)
Angle of friction (clays)
CBR
Cohesion (undrained) (clays)
Cohesion (undrained) (sands)
Compaction (OMC)
Compaction (MDD)
Compressibility
Consolidation coefficient
Density (apparent or true)
Elastic modulus
Linear shrinkage
Liquid limit
Moisture content
Permeability
Plastic limit
Plasticity index
Standard Penetration Test
Tensile strength
Unconfined compressive strength
Void ratio

COV Range (%)
5–20
12–56
17–58
20–50
25–30
11–43
1–7
18–73
25–100
1–10
2–42
57–135
2–48
6–63
200–300
9–29
7–79
27–85
15–29
6–100
13–42
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A pertinent observation that is made from this data is that the COV for geotechnical materials
is generally higher than for, say, structural materials, i.e. anything from 5% to 70% where
structural materials generally have variations in the order of 10% to 20%. This can be attributed
to both the natural variability present within the soil, and ‘measurement error’ which is a
combination of factors such as sample disturbance, the accuracy of the testing method and
equipment, and human error in the testing process.
To illustrate the impact ‘measurement error’ has on the uncertainty in geotechnical parameters,
consider the degree of variation one might expect when evaluating the friction angle of a soil.
Two extremes in accuracy exist whereby the friction angle could be determined by either
triaxial testing or Standard Penetrometer Testing (SPT).
·

Triaxial testing is understood to be highly accurate due to the controlled nature of
the test and ability to accurately measure strains and pore pressures; whereas

·

By virtue of the many factors affecting the energy transfer from the hammer to the
soil in the SPT test (hammer type, sampler type, drill rod length, borehole diameter
and overburden stress), the variation in the SPT N number achieved (which would
be used to infer a friction angle) can be expected to vary by up to 100% between
two separate SPT tests at the same location (CIRIA, 1995).

The COV for the friction angle could therefore be expected to be approximately 5% from the
triaxial test and 15% to 20% from the SPT test.

4 RBA Methodology
RBA uses the uncertainty present in loads and resistance, or demand and capacity, of a
particular system to evaluate the uncertainty in the resulting safety margin or SF. This
uncertainty can be represented as a reliability index which can subsequently be related to a PoF
using the standardised Normal distribution.
The reliability index, β, may then be calculated by the following equation (Baecher & Christian,
2003):
βF =

E[F]-1
σF

(2)

Where:
E[F] = expected value/mean of the SF distribution;
and
σF = standard deviation of the SF distribution.
Since the analysis methodology is not the focus of this paper, more detail on the calculation of
the reliability index, which was carried out using a spreadsheet formulation of Low and Tang’s
(2007) First Order Reliability Method (FORM), can be sourced from (Low & Tang, 2007),
(Gover, 2014) or (Gover, 2016).

5 Relationship between SF and Pf
The relationship between SF and PoF is investigated in the following sections by way of
numerical experiment, literature review and collation of some of the author’s own historical
slope stability analyses.
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5.1 Numerical Experiment
A numerical experiment was carried out on a 30m high uniform, cohesionless embankment
with 1V:3H side slopes on a competent foundation. The embankment material was modelled
with a negligible cohesion (and associated COV) and the friction angle was varied in 5°
increments from 25° to 40° with three variations in COV (5%, 10% and 15%) for each trial
friction angle. Material properties for the foundation were modelled as being effectively infinite
in strength, i.e. 100kPa cohesion and a friction angle of 50°, and negligible COV’s were used
to include this material in the RBA (the spreadsheet FORM analysis was set up for four
uncertain parameters). The phreatic surface was assumed to extend from the toe of the
embankment to 30m from the crest.
The model geometry is presented in Figure 1 and the material parameters and uncertainties for
each analysis follow in Table 1.

Figure 1. Model configuration – uniform embankment (dimensions are in meters).
Table 2. Material properties – uniform embankment.

COV
Curve

Model No.
1
2
3
4
5
6
7
8
9
10
11
12

5%

10%

15%

Embankment
Friction Angle
Cohesion
(degrees)
(kPa)
μ
σ
μ
σ
25
1.25
30
1.50
0.01
0.001
35
1.75
40
2.00
25
2.50
30
3.00
0.01
0.001
35
3.50
40
4.00
25
3.75
30
4.50
0.01
0.001
35
5.25
40
6.00

Foundation
Friction Angle
Cohesion
(degrees)
(kPa)
μ
σ
μ
σ
50

0.001

100

0.001

50

0.001

100

0.001

50

0.001

100

0.001

Note that the negligible standard deviations of 0.001 were included to complete the matrix in
the Low & Tang (2007) FORM analysis which was set up for four uncertain parameters.
The experiment was carried out by first, computing the limit-equilibrium analysis (using
Bishop’s Simplified method of slices and assuming circular slip surfaces) to locate the critical
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failure surface for each model, and then importing the analysis data into a Low & Tang (2007)
FORM spreadsheet to compute the PoF. These methods are described in more detail in the
references listed above.
The results of the limit-equilibrium and reliability-based analyses are summarised in Table 2.
Table 3. Summary of experiment results.
Model
No.
1
2
3
4
5
6
7
8
9
10
11
12

COV

5%

10%

15%

Friction
Angle
25°
30°
35°
40°
25°
30°
35°
40°
25°
30°
35°
40°

Safety
Factor
0.959
1.186
1.439
1.724
0.959
1.186
1.439
1.724
0.959
1.186
1.439
1.724

Reliability
Index
0.679
2.768
5.230
7.077
0.340
1.384
2.615
3.538
0.226
0.923
1.743
2.359

Probability of
Failure
2.49E-01
2.82E-03
8.46E-08
7.37E-13
3.67E-01
8.32E-02
4.46E-03
2.01E-04
4.10E-01
1.78E-01
4.06E-02
9.17E-03

5.2 Case Histories
A select number of the authors own historical slope stability analyses were selected for
comparison purposes. These are naturally more complex than the homogeneous embankment
and comprised various combinations of material uncertainties. These case histories are as
follows:
Case I:
Case II:
Case III:
Case IV:
Case V:
Case VI:
Case VII:

Embankment Dam on Clay Foundation No.1
Embankment Dam on Clay Foundation No.2
Waste Rock Dump No.1
Waste Rock Dump No.2
Cycloned Slurry Dam No.1
Cycloned Slurry Dam No.2
Upstream Coal Rejects Facility

The details of these case histories, and in particular the differences in COV values, are outlined
in Table 3.
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Table 4. Material properties – case histories.

Case
I
II
III

IV

V

VI

VII

Material Name

Unit
Weight
(kN/m3)

Embankment
Clay Foundation
Embankment
Clay Foundation
Waste Rock
Clay Foundation
Bedrock
Waste Rock
Clay Foundation
Bedrock
Underflow
Overflow
Foundation
Underflow
Overflow
Foundation
Rejects
Waste Rock
Foundation

18
16
18
16
24
16
24
24
16
24
16
14
18
16
14
18
18
24
18

Cohesion (kPa)

Friction Angle (deg)

μ
COV σ
5
20%
1
10
20%
2
5
20%
1
10
20%
2
0.1
30%
0.03
5
30%
1.5
Infinite Strength
0.1
30%
0.03
3
33%
1
Infinite Strength
2
20%
0.4
5
20%
1
0
2
20%
0.4
5
20%
1
0
0.1
5%
0.005
0.1
5%
0.005
0
-

μ
37
28
36
26
36
26

COV
15%
15%
10%
10%
10%
10%

σ
5.55
4.2
3.6
2.6
3.6
2.6

34
25

10%
10%

3.4
2.5

31
23
36
31
23
36
20
40
36

10%
10%
10%
10%
5%
5%
-

3.1
2.3
3.1
2.3
1
2
-

As done for the experiment in Section 5.1, the analysis for each case study was carried out by
first, computing the limit-equilibrium analysis to locate the critical failure surface for each
model, and then importing the analysis data into a Low & Tang (2007) FORM spreadsheet to
compute the PoF. The results of the analyses are summarised in Table 3.
Table 5. Summary of case history results.
Case

Model

I
II
III
IV
V
VI
VII

Embankment on clay No.1
Embankment on clay No.2
Cycloned slurry dam No.1
Cycloned slurry dam No.2
Waste rock dump No.1
Waste rock dump No.2
Upstream coal rejects
facility

Safety
Factor
1.28
1.204
1.394
1.350
1.697
1.48
1.075

Reliability
Index
2.15
2.63
4.03
3.75
5.54
4.34
1.69

Probability of
Failure
1.57E-02
4.29E-03
2.80E-05
8.73E-05
1.51E-08
7.03E-06
4.59E-02

5.3 Published Data
Two sources of published data were subsequently found regarding the relationship between
SF and PoF. These are (Chowdhury, 1978), a straightforward relationship, and (Lambe, et al.,
1988), which associates the relationship with the level of engineering achieved during design,
construction and maintenance. These two sources are described on the following page.
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Chowdhury (1978) reported the following table for relating SF to PoF:
Table 6. Chowdhury (1978) relationship of SF and probability of failure
Safety Factor
0.8
1.0
1.2
1.5

Probability of Failure
100%
50%
10%
2%

Lambe et al. (1988) produced conceptual curves for four levels of engineering based on a
numerical expression of their judgement (having very little data to work with at the time).
These levels of engineering are summarised as follows:
I:
II:
III:
IV:

Design by qualified engineer, full-time construction supervision and continuous
maintenance by trained crew
Design by qualified engineer, part-time construction supervision and routine
maintenance
Approximate design using inferred parameters, informal construction supervision and
maintenance limited to emergency repairs
No rational design, no construction supervision and no maintenance

5.4 Results
The analysis results and literary data are presented on Figure 2:

Figure 2. Results and Literary Data.

6 Discussion
There are apparently consistent trend curves for varying COV values of uniform, cohesionless
embankments. These trends are apparent even though the geometry (slope angle and phreatic
surface) and material properties (friction angle) are different for the various facilities. This
would suggest that embankments with varying geometry and/or material properties, but with

100

S. Gover

similar uncertainty in the material properties could be found to fall on a specific "uncertainty
curve".
Since the case histories included uncertainty in the cohesion, in addition to the friction angle,
this displaces the curves to regions of higher probabilities of failure. It is therefore expected
that, for uniform embankments, contours of cohesion COV could be included between the trend
curves for the friction angle COV, i.e. given a SF for an embankment with known uncertainty
in the friction angle and cohesion, the PoF could be extrapolated directly.
There is a slight increasing negative gradient with increasing SF. This is understood to be
related to the shape of the SF distributions in relation to the failure surface (as illustrated in
Figure 3). Due to complexity of this, there is scope to further investigate the nature of the
distributions far from the mean values, which would entail plotting the multi-parameter
distributions and failure surface in three dimensions (which was out of the scope of this paper).

Failure criteria
SF Distribution

Figure 3. Illustration of multivariate distribution of SF.
An interesting finding from this study, is that a SF of 1.0 does not relate to a 50% PoF. This is
due to the shape of the failure surface which, as illustrated in Figure 3 above, would not bisect
the distribution of SFs evenly when the mean value of the distribution is at 1.0.
The relationship reported by Chowdhury (1978) and the Lambe et al. (1988) Level III curve
implies a COV of approximately 15%, while the Lambe et al. (1988) Level I curve implies a
COV of approximately 5%. This supports the findings in this study and provides a useful
guide to relate SFs to probabilities of failure, provided there is an appreciation of the level of
uncertainty in the material parameters.
Based on the results of the study, the following plot is recommended for use in estimating
probabilities of failure, provided there is an understanding of the degree of uncertainty in the
material strengths.
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Figure 4. Plot of safety factor versus probability of failure with contours of COV.

7 Conclusion
The results of the numerical experiment, literary study and case histories have been found to
correlate significantly well. The resulting plot presented in Figure 4 subsequently provides a
convenient tool for estimating PoF from SF, provided there is an appreciation of the uncertainty
in the material parameters.
Conversely, the figure also provides informative insight into the level of uncertainty required
to achieve a prescriptive PoF for design. Consider, for example, an embankment required to
satisfy a probability of failure limit of 1.0E-04 (as a regulatory or Client requirement). This
could be achieved by either designing the embankment to a SF of 1.3 with 5% COV, or a SF
of 1.8 with 10% COV. The implication of this on the overall project costs would be significant.
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Abstract
In geotechnical and rock engineering, knowledge of the strength and deformation behavior of
a fractured rock mass is important in determining the stability of underground excavations, rock
slopes and dam foundations. The DFN approach is considered to realistically represent the 3D
geometry, properties and natural heterogeneity of a rock mass fracture system by generating a
synthetic rock mass based on observational data (Rogers et al., 2006). The advances in
technology with structural data collection methods and increased computational capacity of
DFN software packages have contributed to the increased use of the DFN method. Discrete
Fracture Network analysis and models provide an ideal basis for using data derived from
surface and underground mapping, borehole technology and geophysical imaging. This paper
presents an overview of the DFN approach with focus on its geotechnical applications.
Keywords: Discrete fracture network (DFN), stochastic, discontinuity, geotechnical, rock mass
modelling.

1 Introduction
The characterization of rock mass structures remains critical for the design and analysis of
many engineering applications in the petroleum, mining and civil engineering industries. The
modelling of fractured rock masses is often challenging due to its high degree of uncertainty
and variability. Discrete Fracture Network (DFN) methods are considered to provide a more
realistic simulation of rock mass heterogeneity as compared to conventional methods.
The DFN approach was introduced a few decades ago and has since been continually
researched and developed in many different science and engineering disciplines. However, the
use of discrete fracture networks in geotechnical engineering has greatly increased over the
years with technological advances in structural data collection methods and increased
computational capacity of DFN software packages. Photogrammetry, optical and acoustic
borehole televiewers, high resolution geophysics, laser scanning, and satellite imagery are
some of the methods that have increased the quality and quantity of structural data available.
This data availability together with compatible software packages such as FracMan, JointStats,
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SiroModel, 3FLO, and SIMBLOC has facilitated easy and efficient data processing, better
characterization of the rock mass fabric and improved modelling of fractured rock masses
(Stacey and Read, 2009).
Some of the DFN applications include but are not limited to: rock slope stability, tunnel
stability, underground block caving analysis, rock support design, grout modelling,
groundwater resource assessment, pit slope depressurization design, hydraulic fracturing and
hazard waste disposal and remediation. This paper presents an overview of the discrete fracture
network approach with focus on its most common applications in geotechnical engineering.
The objective of this paper is to introduce the DFN approach and not to provide a
comprehensive review of the DFN methods and all its applications.

2 The Discrete Fracture Network (DFN) Approach
Generally the term “discrete fracture networks” or “DFN” correspond to stochastically
generated fracture networks. However, a “discrete fracture network” considered in the broader
fracture network modelling concept, refers to a computational model that explicitly represents
the geometrical properties of individual fractures and the topological relationship between the
individual fractures and fracture sets. Fractures refers to joints, faults, veins, bedding planes or
any other plane of weakness. These fractures can be represented in a DFN model generated
from geological mapping, stochastic realization or geomechanical simulation (Lei et al., 2017).
The stochastic simulation of fracture systems forms the geometric basis of the DFN approach
and is critical to the performance and reliability of the DFN model (Jing and Stephansson,
2006). The stochastic method is such that there are infinite number of possible realizations of
the 3D fracture system using the available structural data (Elmo et al., 2015).
DFN models capture the geometry and connectivity of fracture networks as well as the
associated intact rock blocks. This DFN approach assumes fractures to be planar discs or
polygons in three-dimensions and uses statistical distributions to describe fracture geometrical
properties. Table 1 provides the fracture properties required for DFN modelling and Figure 1
presents the typical process involved in the DFN model development.
Table 1. Fracture properties for defining a DFN model (Elmo et al., 2015)
Primary Properties

Secondary Properties

Orientation distribution
Fracture length distribution
Fracture intensity distribution
Termination percentage
Spatial variation

Aperture distribution
Fracture shear strength properties
Fracture stiffness properties
Transmissivity distribution
Storativity distribution
Termination percentage

The fracture properties listed in Table 1 distinguish between primary and secondary properties.
The primary properties are required for all DFN modelling and the secondary properties would
need to be defined depending on the DFN application (hydraulic or geomechanical) (Elmo et
al., 2015).
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Figure 1. Typical workflow for the development and application of a DFN model (Golder
Associates, 2006)
As shown in Figure 1, there are four main stages required to build a DFN model: data analysis,
conceptual model development, model building and validation.

2.1 Data Analysis and Concept Model Development
A direct 3D-assessment of the rock mass structures is not possible and discontinuity data are
normally obtained from one-dimensional and two dimensional sources. General data sources
include: scanline or window outcrop mapping, orientated core logging, borehole imaging,
Lidar, photogrammetry, micro-seismics and other surface and borehole geophysics. Figure 2
presents the statistical data processing required for the DFN modelling inputs. Further details
on the primary DFN input parameters are provided in section 2.1.1 to 2.1.5.
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Figure 2. Workflow for Statistical data processing for DFN inputs (Rogers et al, 2009)
2.1.1 Fracture Orientation
The fracture orientation data is processed using stereonets to group the data into different sets.
The orientation of the fracture sets are characterized by statistical distributions e.g. Fisher
distribution. Sampling biased should be considered during this analysis as this influences the
orientation data significantly.
2.1.2 Fracture Length
The fracture length or size is perhaps one of the most important parameters as it directly affects
the fracture connectivity and rock block sizes. The fracture lengths in the DFN model are
converted to an equivalent radius using either a simulated sampling technique (see Dershowitz
et al., 2003) or analytical functions (see Zhang and Einstein, 2010). Alternatively, the fracture
lengths can be described using a power law distribution. The method used is dependent on the
purpose and scale of the model and the structural data available.
2.1.3 Fracture Intensity
Dershowitz and Herda, (1992) defined fracture intensity as the area of fractures in a volume of
rock and developed the Pij system (see Figure 3) to define the fracture intensity, where i denotes
the sample dimension (e.g. borehole, trace map, volume) and j denotes the dimension
measurement (e.g. count, length, area). For example, fracture intensity from borehole data (i.e.
fracture frequency from borehole logging or borehole imaging tools) would be P10 whilst P21 is
derived from trace mapping of benches or tunnel walls. Both these sample sources are
directionally biased. However, the volumetric fracture intensity, P 32 (fracture area/volume)
represents a non-directional intrinsic measure of fracture intensity and is generally preferred
for a DFN model (Elmo et al., 2014). P32 cannot be measured directly and hence is inferred
using a simulated sampling methodology with the 1D and 2D borehole or mapping data.
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Figure 3. Fracture Intensity of the Pij system (adapted from Dershowitz and Herda, 1992)
The fracture frequency parameter from borehole data (P10) is the most commonly used to
determine the fracture intensity in DFN modelling. This is carried out using cumulative fracture
intensity (CFI) plots, (Figure 4) to identify the zones of the rock mass where P 10 remains
constant (i.e. gradient of the CFI plot is relatively constant) over a given interval length for
each borehole. The interpretation of CFI plots from a large number of boreholes creates a data
set of P10 values and interval lengths which provides the basis for fracture intensity
extrapolation and any 3D spatial modelling (Rogers et al., 2014). DFN models generated by
the P10 conditioning process has been found to best satisfy both the relative spatial intensity
and the actual intensity (Weir and Fowler, 2014).

Figure 4. Example of Cumulative Frequency Intensity (CFI) Plot produced by FracMan
software (Golder Associates, 2016).
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2.1.4 Fracture Terminations
Fracture terminations provide useful data on the structural character of the rock mass as it
relates to fracture connectivity. Fractures could terminate within the intact rock, at another joint
and in rock across another joint. This parameter is often used as a calibration tool whereby
mapped terminations on exposed surfaces are compared to those generated in equivalent
surfaces within the DFN models, as well as for fracture length analysis (Elmo et al., 2015).
2.1.5 Spatial Variation
A spatial model determines the way fractures are generated within a given 3D volume. There
are many spatial models that have varying considerations regarding fracture characteristics.
The difference is generally with the specific distribution laws that governs the simulation of
fracture orientation and location. The spatial model selected for the generation of a DFN will
be based on the field data, geological observations, scale and its application. Conventionally,
the Poisson DFN model (or Baecher model) has been used and is incorporated in many software
packages as it is considered suitable to provide solutions for different applications involving
relatively small scale DFNs. However, it does not allow for geostatistical data considerations
that may be more appropriate for complex large-scale DFNs (Elmo et al., 2015). A more
detailed summary of the models is provided in Dershowitz and Einstein (1988) and Staub et al.
(2002) and Fadakar-Alghalandis (2014).

2.2 Model Validation
Model validation is an important aspect in evaluating the suitability of the synthetic fracture
network generated. The “validation loop” shown in Figure 1 refers to a refining process that
involves testing the developed model against various validation data sets in order to ensure that
it is representative of the actual rock mass (Golder Associates, 2006). The DFN model
generated is validated by comparing the orientation, intensity, and pattern of the simulated
fracture traces to those observed or measured in the field.
The main spatially properties that require validation includes fracture intensity and orientation.
As mentioned in section 2.1.3, the fracture intensity can be validated using the P10 conditioning
process whereby the DFN models generated are conditioned to a direct replication of the
number of fractures intersected along a scanline or borehole (Elmo et al., 2015). Fracture
orientation can be represented by distributions such as Fisher, Bingham, bivariate Fisher and
bivariate Bingham. In the event that the field data does not conform to the any of these statistical
distributions, the bootstrap method may be applied. According to Rogers et al., (2014),
“bootstrapping” is a statistical method based on multiple random sampling with replacement
from an original sample to create a pseudo-replicate sample of fracture orientations. Figure 5
shows an example of a DFN model that has a high level of agreement between the model and
the source data using the bootstrapping method (Weir and Fowler, 2014).

Figure 5. Example of DFN model validation of generated fracture orientations: DFN model
(image to the left), Stereonets showing poles to measured faults (central image) and poles to
synthetic fractures (image to the right) (Weir and Fowler, 2014).
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3 Geotechnical Applications
DFN methods provide advanced tools for engineering analyses involving fractured rock,
including stability and deformation of rock slopes and underground excavations, design of
ground support requirements, blast fragmentation analysis and modelling of fluid flow-through
the rock mass. In geotechnical engineering, the most common use of DFNs is to analyze the
potentially unstable blocks in an excavation (surface and underground). DFN modelling
attempts to realistically represent the 3D geometry, properties and natural heterogeneity of a
rock mass fracture system by generating a synthetic rock mass based on observational data
(Rogers et al., 2006). Several case studies of tunnel and rock slope stability analyses involving
the DFN approach have been published. The author is not permitted to publish any
experimental study results at this stage and has therefore selected to provide a published case
study in order to demonstrate the common benefits of the DFN approach.
Rogers et al, (2006) carried out a comparative study on tunnel block stability using
conventional wedge analysis and DFN wedge analysis. These methods were applied to an
underground box section tunnel 6m square. Table 2 summarizes the results from this study.
Table 2. Summary of the Tunnel Block Stability Study Results (Rogers et al, 2006)
Conventional Wedge Analysis

DFN Wedge Analysis

A 133 tonnes maximum roof wedge was
predicted extending approximately 4m
into the back of the tunnel.
Analysis does not provide information on
the frequency of occurrence of the critical
wedge.
Requires relatively long support on a tight
pattern to provide a factor of safety of
1.5.
Assumes wedges formed by discrete
planes that are ubiquitous and infinitely
continuous (see Figure 6a)
Potential Conservative design

A roof wedge of 133 tonnes or greater will
occur approximately every 250m along the
tunnel.
DFN approach provides an understanding of the
frequency of occurrence for wedges/blocks of a
particular size or factor of safety.
Provides a quantitative probabilistic tool for the
assessment of the wedge distribution and guide
for ground support design
Considers complex geometry, variable fracture
lengths, influence of rock bridges, actual field
orientations (see Figure 6b)
More Optimized Design

From this study it was concluded that the DFN models represent more realistic geometries and
properties of structural features that control the stability of the rock mass and has the potential
to produce safer rock slope designs and optimize the support requirements for underground
excavations (Rogers et al., 2006).

Figure 6. a) DFN model built using realistic rock mass properties, b) conceptualization of
rock mass comprising of infinite ubiquitous joints (after Rogers et al., 2006).
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4 Conclusion
Numerous studies have shown that DFN techniques better capture the behaviour of a fractured
rock mass. Technological advances in the field of structural data collection and synthesis has
allowed for the more accurate 3D modelling of fractured rock masses. This has subsequently
improved the stability analyses and design of excavations within fractured rock masses and has
led to significant reductions in predicted mining costs.
The random nature of the stochastic DFN method is more advantageous than single-valued
predictions from deterministic methods because it addresses more of the uncertainty and
variability associated with natural fracture systems. The value of a DFN model is dependent on
the interpretation of the in-situ rock mass fragmentation as well as the quality and quantity of
the available field data. Therefore, an understanding of the variability and uncertainty in data
collection and DFN generation is important for engineering applications (Lei et al., 2017).
The availability of advanced and efficient software packages has increased the application of
the DFN approach to a greater variety of geotechnical engineering problems. According to Lei
et al. (2017), the advances in the DFN community is towards a more thorough characterization
of underlying statistics and a more precise and efficient generation of DFNs that consider more
details of real fracture systems such as; the diversity of individual fracture shape and
morphology, topological complexity of fracture sets and the correlation between geometrical
properties.
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Abstract
Traditionally, stability is measured in terms of a factor of safety. This factor is generally taken
as the ratio of system capacity to system demand. It should, however, be considered that both
the demand and capacity are functions of variable components. Thus, a factor of safety
calculated using the above method is a random variable in itself.
If demand and capacity of a structure are considered as probabilistic distributions, instead of
constants, the reliability of a structure can be defined and quantified statistically in the form of
a probabilistic distribution.
Methods of determining these variables include the Taylor series method, the point estimate
method, and the Monte Carlo method. This article will explore these methods, including
examples and comparisons of results.
It is demonstrated that with the little effort required to evaluate reliability of a structure’s
stability, one’s understanding of the safety margins of a geo-scenario is greatly increased.
Keywords: Reliability Based Design, Geotechnical Engineering, Probability of Failure,
Statistical Methods

1 Introduction
According to the Engineering Council of South Africa’s (ECSA’s) Code of Conduct, it is the
responsibility of the engineering professional to serve the needs of the public, economy, and
environment. It is thus critical that the designer considers the delicate balance between economy
and safety. Herein lies a challenge, as no geotechnical design can completely eliminate the
possibility of failure whilst also considering the economic constraints which accompany any
construction project. This situation is made all the more complex if one considers the high levels
of variability and uncertainty which are synonymous with the geotechnical field.
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In addressing this challenge, the geotechnical engineer is required to ensure that conditions
which would cause failure are “sufficiently far” from expected conditions, so that the likelihood
of failure is “adequately” remote. Reliability based design is a tool which is used to address
these uncertainties and aid the engineer in producing designs which successfully balance cost
and safety. The intention of this paper is to provide a basic overview of various available
methods.

2 Non-Statistical Methods
2.1 Factor of Safety (FOS)
This is a term that we are all familiar with, and is traditionally used as an indication of a
structure’s stability. This factor is generally taken as the ratio of system capacity to system
demand. For example if a pile’s axial load capacity it 500kN and a 250kN load is applied, then
the factor of safety for this load case is 2. A configuration is considered satisfactory if the
calculated factor of safety is greater than the required minimum. In typical geotechnical
application a value between 1.01 and 3.00 is acceptable, depending on the load case being
evaluated. A system is usually analysed for various load cases, for which each has a required
minimum factor of safety.

2.2 Strength Reduction Methods (SRM)
Determining the FOS in numerical models poses a challenge, as the method is not suited to
determining the capacity and demand separately. To allow the calculation of a FOS, the SRM
method was developed. Today, numerous finite element software packages use the strength
reduction method to calculate the strength reduction factor (SRF) of models. This factor is
calculated by reducing the shear strength components of the materials in a model iteratively,
until the point of non-convergence (instability or failure) of the model is reached. The factor
used at the point of non-convergence is termed the SRF, which is akin to a conventional Factor
of Safety (FoS).

3 Statistical Methods
3.1 The Value of Statistical Methods – Demonstration
There is increasing awareness that the raw data, on which problem solutions are based,
themselves exhibit significant variability (Harr, 1987). In order to demonstrate the value of
considering the variability of the data or parameters on which geotechnical designs are based,
the following hypothetical analysis is presented. An embankment slope, with a height of 10m,
and a grade of 1:1.5 is analysed using two sets of Mohr-Coulomb strength parameters. For the
purposes of the analysis, Rocscience’s RS2 Finite Element Analysis software package is
employed. The model configuration is provided in Figure 1.
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Figure 1. Model Configuration
The parameter set utilised for Scenario 1, represents a soil with inferior strength attributes in
comparison to those used for Scenario 2. The parameter sets and resulting Factors of Safety
(FOS’) are presented in Table 1. Not surprisingly, Scenario S2 returns the higher FOS given
the superior strength parameters used.
Table 1. Input and results of the deterministic model
Scenario
S1
S2

Cohesion (kPa)
4.7
7

Friction Angle (°)
25.6
32.5

Resulting FOS
1.1
1.5

Assuming the strength parameters used in the aforementioned analysis originate as mean values
from data sets sourced, for example from laboratory testing, one is able to analyse the parent
data and generate parameter specific statistical distributions. In Table 2 below, the raw data
sets, along with the parameters characterising the statistical distribution of each are presented.
It is noteworthy that a wider distribution of data values around the mean occurs in Scenario 2 –
as depicted by the larger coefficients of variation (COV), where the COV is the ratio of the
standard deviation to the mean.
Table 2. Statistical distribution of input parameters

Parameter

1

2

3

4

5

6

7

8

9

10

Mean

Friction
Angle

25

27

28

25

26

23

25

25

25

27

25.6

1.4

5%

Cohesion

Standard
Deviation

Data Set

Coefficient
of Variation

Scenario 1

5

5

4

4

6

5

4

5

5

4

4.7

0.6

14%
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Table 3. Statistical distribution of input parameters (continued)

Parameter

1

2

3

4

5

6

7

8

9

10

Mean

Friction
Angle

22

30

34

28

36

37

27

38

37

36

32.5

5.1

16%

Cohesion

Standard
Deviation

Data Set

Coefficient of
Variation

Scenario 2

3

14

3

4

7

16

4

3

2

14

7.0

5.2

74%

With the statistical distribution of the input parameters defined, it is possible to derive a
statistical distribution for the resulting FOS utilising one of the methods presented hereunder.
Note that the mean value of the FOS distribution is equivalent to that of the non-probabilistic
(deterministic) method, however when employing a statistical method the distribution around
the mean is also defined.
If the probability of failure of the embankment is taken as the area beneath the FOS function,
for which the FOS < 1, then the likelihood of failure for the two scenarios can be calculated as
presented in Table 3 below.
Table 4. Mean FOS and Probability of Failure for S1 and S2

Scenario 1
Scenario 2

Mean FOS

1.1

P[F]

2.03%

Mean FOS

1.5

P[F]

6.91%

It is noted that, contrary to initial impressions, Scenario 1 represents a case where the
probability of the embankment failing is substantially less than that of a failure occurring in
Scenario 2. This, in spite of Scenario 1 possessing the smaller FOS.
This demonstrates the value of conducting statistical analyses where both the mean FOS and
the spread of the distribution can be considered.

3.2 Measures of statistical reliability
Reliability is most commonly quantified statistically by the probability of failure and the
reliability index. Both terms are discussed below.
3.2.1 Probability of Failure
If demand and capacity of a structure are considered as probabilistic distributions, instead of
constants, the reliability of a structure can be defined and quantified statistically in the form of
a probabilistic distribution.
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The demand function is derived from variable components, such as vehicle loads, seismic
acceleration, water conditions, or stress history. In a similar manner, the capacity function
derives its variability due to variability in material parameters, testing errors, construction
procedure, inspection during construction, or ambient conditions.
Another aspect to consider in addition to the above points is the reliability of the actual
analytical models (equations, analysis procedure etc.) used to describe both the demand and
capacity functions.
Figure 2 shows a demand (D) and capacity (C) curve for a scenario. It can be seen that if !"# <
$!%& 'then there is a chance that the capacity is less than the demand, resulting in failure of the
structure. The probability of this event occurring is termed the probability of failure (()*+).
Assessing the probability of failure can be achieved by determining the margin of failure which
is defined as , = - $. Failure or inadequacy of the system is assessed when S is negative
(i.e. < $) shown by the shaded area in the plot below.

Figure 2. Demand and Capacity distributions
If the performance of a system is quantified in terms of a factor of safety, then failure is
considered to occur when the factor of safety of the system is ≤ 1.0. The probability of failure
is indicated as the shaded area in the factor of safety distribution in Figure 3.

Figure 3. Distribution of the Factor of Safety
3.2.2 Reliability Index
Another indication of the adequacy of a structure is the reliability index ( ), which is defined
as the number of standard deviations between the mean and a zero safety margin.
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A distribution which results from a combination of normal distributions, is itself a normal
distribution. Using this property of normal distributions, Figure 4 was developed, which
illustrates the relationship between the probability of failure and the reliability index. A line of
good fit for this curve, which is used as a general rule of thumb is that !(") = 1# × 10$% .
Probability of Failure,
p(f)

1.00E+00
1.00E-01

!(") =

1.00E-02
1.00E-03
1.00E-04

1
5 6( )
4

!(") = 1# × 10$%

1.00E-05
1.00E-06
0

1

2

3
4
Reliability Index, β

5

6

Figure 4. Plot of the Reliability Index vs the Probability of Failure
Figure 5 was taken from Phoon (2008) and indicates typical reliability index values and their
associated adequacy.#

Figure 5. Plot of probability of failure and the associated adequacy of values (Phoon, 2008)

3.3 Methods of determining reliability
3.3.1 Monte Carlo Method
This method is one of many known as an “exact method”, though certain assumptions are still
made during calculation. The method involves developing a distribution of an output (in this
case the FoS) by analysing numerous randomly selected input variables. This implies that the
probability distribution functions of all input variables must be defined. An advantage of these
methods is that the complete probability distribution function of the output variable is defined.
However, as with all engineering computations, the accuracy of the output is dependent on the
accuracy of the inputs.
The formula below provides the number of trials, N, required to achieve 99% confidence, when
m variable are considered.
*+,-

& = ' ./- 2
-

3

(1)
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It can be seen that with an increase in the number of variables considered, use of the Monte
Carlo Method, especially in conjunction with the Finite Element Method, quickly becomes
prohibitively time consuming unless an automated algorithm is used.
3.3.2 Point Estimate Method
This section discusses the Point Estimate Method (PEM) as presented by Rosenblueth in 1975.
This method alleviates the need for the use of complex mathematical functions and time
consuming iterative processes via the application of “point estimates” which, along with their
position of application, serve to represent the distribution for which they are calculated.
For a detailed derivation of the formulations please consult Harr (1987). In this paper a practical
demonstration of the use of the PEM is supplied below.
Consider an embankment with a slope of 1:1, slope height of 10m, and mean effective strength
parameters: c’ = 10kPa and φ’ = 35°. Using Prokon’s SlopBG Software the mean FoS value is
calculated at 1.6.
Assuming the input strength parameters c’ and φ’ have coefficients of variation of 40% and
10% respectively, the PEM is applied as follows.
Values for the c’+, c’-, φ’+, and φ’- cases are calculated by adding and subtracting a standard
deviation to and from the mean value (E[x])as indicated in Table 4 below.
Table 5. Calculation of the point estimates
[x]
c' (kPa)
φ' (°)

E[x]
10
35

x+
14
38.5

σ[x]
4
3.5

x6
31.5

The values calculated in the above table allow the calculation of four permutations for the FoS
for the slope. These FoS values (FoS c;φ) are termed FoS++, FoS+-, FoS-+, and FoS--, and are
presented in Table 5.
Table 6. FOS Permutations
FOS c; φ
FOS++
FOS+FOS-+
FOS--

Resulting FOS
2.01
1.76
1.42
1.2

Resulting (FOS)2
4.04
3.09
2.02
1.44

Applying the formula:
!["#$] ! = !0.25("#$%%! + ! "#$&& ) ! + !0.25("#$%& ! + ! "#$&% ) ! = !1.6

(2)

The mean (expected value) FoS is calculated as 1.6. It should be noted that the same value was
determined when the calculation was undertaken using mean values as described above.
Next,! !["'$ * ] is determined using the following formula:
* ! + ! "'$ * ) ! + !0.25("'$ * ! + ! "'$ * ) ! = !2.6
!["'$ * ] ! = !0.25("'$%%
&&
%&
&%
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Given that the variance V [FoS] can be calculated as
,!["#$] ! = ! !["#$ * ]!– ! !["#$]* ! = !0.094

(4)

And that the standard deviation (σ) is determined by
!["#$] ! = !! %&!["#$] ! = !0.307

(5)

The probability of failure (i.e. "'$! < !1) is calculated from the Standard Normal Distribution
Table as 2.56%
A comparison is made with a Monte Carlo analysis for the same slope and the results are found
to be practically identical, proving the efficacy of the PEM. The probability density function
for the FoS, as provided by SlopBg, is given in Figure 6, and the PoF is calculated at 2.6%.

Figure 6. Probability density function determined by
Monte Carlo Analysis (SlopBG, 1994)
3.3.3 The Taylor Series Method
The Taylor Series Method is relatively simple and time efficient, and is described at length in
Duncan (2000).
The method utilises the equations below, which allow determination of the standard deviation
( ( ) and coefficient of variation ()#&( ).
(

= *+

,(- /
2
/

4+

,(5 /
2
/

4 64 +

,(8 /
2 ,
/

(6)

and
)#&( =

9:

(;>?

,"@ = "@ A 4 "@ B
Where:

"@ A
"@ B

"HIJ

-

-

-

(7)
(8)
The factor of safety of the slope calculated with the value of the
CDE parameter increased by one standard deviation from the
mean
The factor of safety of the slope calculated with the value of the
C FG parameter decreased by one standard deviation from
the mean
The factor of safety computed using mean (most likely) values
for all the parameters.
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The probability of failure (K[L]) of the scenario can then be calculated using the above
parameters "HIJ ! < !1.0 "HIJ )#&( and a Standard Normal or Lognormal Table. There is some
justification in using either of these distributions, but it is not possible to determine which is the
better assumption for a certain scenario. It is therefore considered reasonable to calculate P[F]
for both and take the difference as the uncertainty in P[F].
Assuming a normal distribution of "HIJ
formula below:
MNOPQORSTN =

the Reliability Index is calculated using the

(;>? BU.V
9:

(9)

For a lognormal distribution, the formula is:
MNOPQORSTN = !

WXY

:;>?

*-Z\^?: 5

_

(10)

*WX!`UAabJ: 5 c

4 Application of the above methods
A cross section of an embankment dam was considered using RocScience’s RS2 Finite Element
Software. A diagram of the model and assumed material properties are provided in Figure 7
and Table 6.
A coefficient of variation of 40% and 10% were applied to the cohesion and friction angles of
each of the materials, as per recommendations by Harr (1987). This resulted in 8 variables to
be considered. If the Monte Carlo approach were used, d × 10e simulations would be required
to achieve a 99% confidence interval. This method was therefore deemed unfeasible, and only
the standard SRF method, the PEM, and Taylor Series Method were considered. Results are
provided in the Table 7.

Figure 7. Model under consideration
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Figure 8. Tabular representation of the assumed material properties

Strength
Reduction
Method
Point Estimate
method
Taylor Series
Method

Reliability
Index

Coefficient
of
Variation
of FoS
Distributio
n (%)
Probability
of Failure
(%)

Average
SRF

SRF

Method

Distributio
n of FoS

Table 7. Summary of results

--

1.54

--

--

--

--

Normal
Lognormal
Normal
Lognormal

-----

1.46

9.2

1.52

10.6

0.032
0.003
0.066
0.006

3.41
4.06
3.21
3.88

It can be seen that for both statistical methods, the assumption of a lognormal FoS distribution
produced lower probabilities of failure. This is not always that case, and both distributions
should be deliberated to determine which is more conservative. The SRF and normal
distributions for both statistical methods are provided in Figure 8. Note that although the PEM
produces a lower average FoS, the coefficient of variation is less than that of the Taylor Series
Method, indicating more certainty associated with the FoS distribution.

Figure 9. Probability distribution functions for the reliability methods considered
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5 Conclusion
Concepts relating to probabilistic distributions around mean parameter values are a particularly
important consideration when it comes to geotechnical engineering, as the materials dealt with
on a daily basis are often not completely defined or display high variability.
The statistical methods discussed in this article can be performed without much additional
information and effort, however they substantially enhance one’s understanding of the
sensitivity and variability of safety margins. It is envisaged that these statistical methods be
used to supplement the Factor of Safety, rather than replace it. Computing both a Factor of
Safety and Probability of Failure/Reliability Index provides optimal engineering insight into a
given problem and allows the engineer to make informed decisions
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Abstract
Physical modelling of cave propagation in block cave mining is described in this paper. A
physical model was tested in a geotechnical centrifuge. Practice and theory often differ with
regard to the manner in which cave propagation occurs. Experiments were conducted to
determine the effects that different vertical to horizontal stress ratios have on the way a cave
back propagates. Concrete slabs were cast and utilized in experiments to simulate rock material
in a mine. The concrete used in these tests were brittle, hence it was important to determine the
material properties by means of triaxial tests. A more slab-like type of failure mode was
expected in models where higher horizontal stress was applied. Modelling the effects of vertical
to horizontal stress ratios on caving propagation effectively in a centrifuge demonstrates the
potential for investigating different factors affecting cave propagation.
Keywords: block caving, cave back, cave propagation, centrifuge, physical modelling.

1 Introduction
The block cave mining process has rarely been physically modelled to investigate factors
influencing the caving process. Cumming-Potvin et al. (2016) investigated cave propagation
through physical modelling by means of centrifuge testing to visually observe the way in which
a cave propagates. The results showed that it does not entirely conform to the widely accepted
Duplancic model (Duplancic, 2001).
The purpose of this study is to verify the effect of horizontal to vertical stress ratio on the way
in which a cave propagates. The results lead to a better understanding of cave propagation. In
turn, it could result in safer mining practices and increased productivity.
This study is limited by the fact that only one material was tested, whereas in block cave mining,
mining occurs in various geological conditions. Unique natural rock formations and
discontinuities cannot be predicted and therefore cannot be modelled easily. Centrifuge testing
was carried out on a sample accelerated to 80 times earth’s gravitational acceleration,
representing cave propagation in a brittle rock.
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2 Literature Study
2.1 Background
Block cave mining is an economical mining method with large initial costs and low operational
costs with reduced labour. The basic principle of this method is that a rock mass is undermined
and allowed to collapse and cave naturally. This allows the rock to be crushed by gravity under
its own weight and the smaller rocks to be extracted at drawpoints at the bottom of the cave.
Cumming-Potvin (2016) investigated the way in which caving occurs, referred to as cave
propagation, through physical modelling and centrifuge testing.

2.2 The Block Cave Mining Method
Block cave mining is a large scale specialised method of underground, mining. It utilizes gravity
and internal rock stresses to break up rock masses. It allows for higher extraction rates compared
to other underground mining methods (Petra Diamonds, 2017). The caving is induced by
undercutting the ore body after which the rock underneath the undercut is blasted and fractured.
Gravity causes the block to fracture into smaller pieces which are loaded at draw points. It is
applicable in large ore bodies of a low grade.
Certain characteristics of the ore is required namely:
·
·
·

Large dimensions, vertically and horizontally
Large rock mass
Surface above the mine that is able to subside

This method is only feasible when these conditions are met.
The ore that can be mined is limited to a few types due to these characteristics. Common types
of ore that are mined using this method are (Hustrulid & Bullock, 2001):
·
·
·
·

Iron ore
Copper
Molybdenum deposits
Kimberlite pipes containing diamonds

The rock in which this various ore is found in, is required to be brittle and must crumble and
fragment under compression from the overbearing rock. In South Africa, a common rock
possessing these characteristics is the Kimberlite rock. The block cave mining method consists
mainly of two levels required in the mine for production. These two levels are called the
undercut and production level and are excavated underneath the ore bodies at two different
levels. The undercut level lies above the production level as shown in Figure 1 (shown on the
next page).
On the undercut level, approximately 4m high tunnels are drilled horizontally to relieve rock
stresses and then allow the rock to fracture. Once the tunnels have been drilled, charges are
drilled radially into the roof, also known as the back of the tunnel, from these undercut tunnels
at certain points. These charges are detonated and the tunnels are left closed. This allows the
caving process to occur and allows room for fractured rock to fall and break upwards.
Draw bells are conical shaped openings underneath the undercut level which channel the ore
into the finger raises. Finger raises collect the crushed ore and pass it further through the
grizzlies (large sieve-like structures with predetermined opening sizes). At the grizzly level,
larger rocks are trapped and crushed further by other falling rock masses until they are small
enough to pass through the grizzly openings. From the grizzlies, the ore is directed into the
draw points where the crushed ore is loaded up. Due to the mass of the rocks falling on top of
each other into the open space, they are crushed into smaller pieces naturally by gravity and
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move to fill the void. Draw points can be accessed from two sides. The level where loading
takes place is also known as the production level (Hustrulid & Bullock, 2001).

Figure 1. Block cave mining method (TechnoMine, 2012)
On the production level, tunnels are drilled in either “herring-bone” or a parallel pattern (see
Figure 2).

Figure 2:. Herringbone vs Parallel Pattern
The parallel pattern is preferred as this eliminates bends that need to be drilled accurately.
Parallel tunnels do not need bends and make it easier for loaders to navigate and transport the
bulk material. This has a cost and maintenance benefit as less incidents of driving into walls
occur (Petra Diamonds, 2017). Half way between two parallel production tunnels, draw point
positions are spaced evenly. The roofs of the draw points are drilled and blasted vertically in a
ring shape. These rings are reinforced with cast concrete rings and are below the grizzlies
underneath the blast points on the undercut level. The access tunnel to the draw points on either
side of the crushed material are also stabilised. Stabilisation is done by lining the rock with a
steel diamond mesh, which is held in place by 10m rock bolt anchors drilled into the competent
rock at various spacing. This secured mesh is then sprayed with a heavy spray concrete lining
to hold it all together. These entrances become the draw points for the loaders to load the
crushed material. The rock now naturally fractures and flows through from undercut level to
the draw points. From this point on it is no longer necessary for any drilling and blasting. The
rock is loaded at a certain rate determined by the current economic conditions and the feasibility
for production at the time. This could also be affected by other activities and construction efforts
underground that could be priority work. The rock is taken to underground crushers where they
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are crushed to a certain size that can be handled by the processing plant. The crushed material
is then transported via a conveyor belt into the processing plant. As the rocks are removed from
these draw points, the rock naturally caves by gravity and fills the draw points again. Draw
points are only ever emptied to a certain percentage, so as not to create air gaps which can lead
to air blasts when overhead material collapses, as there might be delays in the rock breaking up
and falling down. This is done until the quality of the rock deteriorates to such a degree that it
is no longer feasible to draw material from those points. Draw points adjacent to each other
need to be loaded at the same rate to avoid more impact being taken by one draw point which
could lead to an unevenly weakened structure. If a draw point is left too long without extraction,
it will “freeze up” and not produce any more material (Petra Diamonds, 2017). Blasting is then
done to get the material to flow again. Blasting may also be required if a rock is too large to be
handled by the loaders.

2.3 Block Cave Mining Safety
Contrary to intuition, block cave mines can be seen as safer than other conventional types of
mines. This is due to the fact that there are less risks involved as there are less constantly moving
components. There are also fewer staff required when the mine is operational. Some of the risks
involved in underground mines are:
·
·
·
·
·
·
·

Fire caused by friction, heating, electrical, explosives and work such as welding
Floods
Induced seismicity
Explosives used for blasting
Structural failure
Toxic gases and substances
Spontaneous ignition of coal resources

As most of the activity in the mine occurs during the initial establishing phase, during the
operational life of the mine, these risks are reduced. There are less blasting operations compared
to other underground mines which also reduces the risk of fires. Structural failure may still be
of concern due to driver error of the loaders. This has been reduced to some degree by reducing
blind corners and bends as well as the stringent stabilising techniques of the tunnels.

2.4 Physical Modelling of Block Cave Mining
McNearny and Abel (1993) created a physical model to recreate a block cave. They used layers
of bricks stacked on top of one another in the same pattern as a brick wall but without any
mortar in between the bricks. This experiment was done to determine optimum draw point
spacing rather than investigating the way in which block caving occurs. This test had no
horizontal stresses applied such as those found in confined rock. The bricks collapsed in a
parallel band which supports the theory of fracture banding in block cave mining as observed
by Duplancic (2001).
One of the only physical models, focussing explicitly on cave propagation, is the Duplancic
model (Cumming-Potvin et al., 2016). This model suggests that the caving process consists of
five different zones that are present. See Figure 3 (Duplancic, 2001):
a) Caved zone. The region is comprised of material that has already fallen (caved) from the
cave back. This material provides support to the cave walls.
b) Air gap. An air gap is formed above the caved zone. Its size is dependent on the extraction
rate of the caved material.
c) Zone of discontinuous deformation. This is where the disintegration of the rock mass
occurs.

128

M. Smith, W. Britz

d) Seismogenic zone. This zone consists of an active seismic front that is developed by the
slip of the joints in the rock as well as brittle failure of the rock. It is caused by a change in
stresses surrounding the rock.
e) Surrounding rock mass. This is the zone of rock surrounding the cave. Only elastic
deformation occurs here.

Figure 3. Conceptual model of caving (Duplancic, 2001)
Weakly cemented concrete samples with closed joint networks were tested by Cumming-Potvin
et al. (2016) to imitate the stress-strain relationship in the natural rock. The samples were tested
in the geotechnical centrifuge at 80 times gravitational acceleration. Horizontal stresses were
applied using water-filled rubber bladders on each side of the slab. This was to represent the
confining stresses in natural rock. The block cave mine simulation was done by retracting five
hydraulic pistons controlled remotely using solenoid valves. The test was limited by not
allowing strain in the third dimension and therefore was representative of plane strain. The
caving mechanism that was observed during the tests was termed fracture banding which
described the parallel fracturing. It was also pointed out that along the discontinuities that were
created in the sample, larger shear movements were caused than in samples without
discontinuities. It lead to creating a discontinuous fractured profile instead of the continuous
profile such as in the Duplancic model. It was also noted that the fracture spacing was not
consistent between samples but was consistent in the individual samples

2.5 Caving Medium Used in the Centrifuge Models
The physical model rock material should represent a brittle rock as occurring in block caving
mines. The rock must be able to crumble and fragment easily under compression during tests.
Based on previous research by Cumming-Potvin et al. (2016) two weak concrete mix designs
were found to be suitable for these tests (see Table 1 below).
Table 1. Mix designs (all units in kg/m³)
Component
Cement
Fly Ash
Sand
Water

Mix 1
12.6
1011
505.3
345.9

Mix 2
25
1002
500.9
347.6

The material used in the test was a weakly cemented fly ash concrete. The fly ash component
gives the sample the brittleness required to mimic rock in a mine. Fly ash reacts slower than
cement to form a cementitious paste and also requires less water for the reaction to take place.
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The sample becomes more brittle over time, as fly ash is a slow pozzolanic material that takes
a long time to fully react with the water. Ultimately, fly ash has very high strengths and low
permeability compared to pure cement content concrete, but it only reaches its ultimate strength
at about 3 to 6 months after casting. Fly ash can also reduce the heat of hydration of the concrete
mixed (Helmuth, 1987). This knowledge can be used in deciding on when to cast the sample
slabs and how many days after casting, testing should take place for optimum results and to
ensure the most accurate sample representation.
The cement component gives the sample the strength required to imitate the rock. The cement
used was 52.5R PPC cement. It reacts quicker with the water to give early age strength gain
within the first 24 hours. This makes handling the sample without damaging it easier as it has
enough strength to support its own weight. No coarse aggregates were used in the mix, only
fine silica sand was added to the mix. The sand is a fine alluvial silica sand that is commercially
available.

3 Experimental Setup
Modelling block cave mining accurately enough to simulate the natural caving process found
in mines required a centrifuge test to be done. The test entailed a sample to be built in an
appropriate centrifuge rig. This study described in this paper was carried out by doing centrifuge
tests up to 80 times earth’s gravitational acceleration. To replicate the stresses in a mine the
highest possible acceleration that the centrifuge can achieve was desirable, but the achievable
acceleration was limited by the capability of the camera used to capture images during tests.
This simulated the mass of rock overlying the mine portion of rock. At 80 g acceleration,
trapdoors secured to the top of the pistons underneath the sample was lowered from the control
room to simulate supports being removed underneath the sample. An Unconfined Compressive
Strength test with local strain measurement was done to characterise the centrifuge test sample.

3.1 Model rock material
The samples that were used in the centrifuge tests were weakly cemented fly ash concrete slabs.
The mix designs used for the samples are found in Table 1. The sample was 500 x 500 x 50 mm
in size. The preferred mix was Mix 1 as it was a stronger slab that was easier to handle and
prepare. The mix was poured into the slab mould and the surface was floated by hand using a
trowel to get an even flat finish. It was then left for 24 hours uncovered in the laboratory to set.
After 24 hours, it was placed in a drying oven at 60ºC for another 24 hours. Thereafter it was
loaded into the rig and tested.

3.2 Centrifuge model
The sample was placed in a centrifuge rig specifically designed and built for this experiment
by Cumming-Potvin et al. (2014). Figure 4 illustrates the rig. The rig was designed to be used
on the geotechnical centrifuge found in the Civil Engineering Laboratory at the University of
Pretoria. The rig is made of mild steel and aluminium and weighs approximately 200kg empty.
There is an aluminium back board with 18mm plywood in front of it. The sample rested against
a low-friction plastic sheet against the plywood. The sample was secured with two layers of
10mm thick glass panes. The sample was supported on the sides in three ways: No support,
rigid support with wooden blocks and water-filled bladders attached to a standpipe. The
horizontal stress could be adjusted in the bladders by changing the water level in the standpipe.
The sample was supported at the bottom by a solid platform which included 5 retractable pistons
to be lowered during the experiment. Solenoid valves were attached to the pistons. The entire
piping system was de-aired to allow precise control of the pistons. During the test, the solenoid
valves were opened and closed quickly to remove support from the sample in a controlled way
to model the caving process.
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3.3 Uniaxial Compression Test
To determine the strength characteristics of the samples, an Unconfined Compressive Stress
(UCS) test was done in a triaxial testing rig (Figure 5). The UCS sample was 50 mm in diameter
and 100 mm in length. A load cell was placed above the sample and two miniature Linear
Variable Differential Transformers (LVDT’s) were placed opposite each other on the sample
to measure local strain due to load for a stress-strain graph to be determined.

Figure 4. Centrifuge Rig

Figure 5. Triaxial Rig

4 Experiment results
4.1 Introduction
Two experiments were carried out to determine the effect of horizontal pressure on the
propagation of a cave back. One with rigid supports on the sides and one in which an increased
horizontal pressure was applied. Results obtained from the utilization of the particle image
velocimetry (PIV) software package by White et al. (2003) are presented below.
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4.2 Rigid lateral supports
Wooden planks were placed along the sides of the sample to provide horizontal confinement
to the sample being tested. The progression of caving in the first experiment is illustrated in
Figure 6. Figure 6-B1 illustrates the start of the drawing process as the first hydraulic piston
was lowered. As caving propagated during the test, it can be seen how an air gap was created
between the caved material and the cave back. This correlates to the widely accepted
Duplancic (2001) conceptual model of caving. The second column of Figure 6 presents the
percentage shear strain experienced by the sample throughout the test. Figure 6 further
illustrates the outcome of applying rigid horizontal confinement to the sample that was tested.
The vertical stress applied to the physical model was achieved by multiplying the self-weight
of the model with the centrifugal acceleration (80 g). It can be seen that the displacement
vector plots (third column in Figure 6) show a continual downward movement of the sample.
This indicates compression of the model as the vertical stress was applied. Figure 6-F1 shows
a self-supporting arch that formed without collapsing. It is undesirable for a self-supporting
arch to form during a caving operation as the collapse of such an arch can cause many deaths
in an underground mine.

4.3 Horizontal Pressure Applied
The horizontal stress, applied continually throughout the second test, was applied by the means
of rubber bladders at the sides of the sample. These bladders replaced the rigid wooden
planks used in the first test. The displacement vector plots (third column in Figure 7)
illustrates the clear difference between applying increased horizontal stress and the use
of rigid lateral supports just resisting any horizontal stress from the sample. During the
second test, particles were displaced vertically and laterally.
A crack, seen in Figure 7-A1, formed while the centrifuge was accelerating towards 80 g. The
formation of the crack is clearly visible from the shear strain plots (second column of Figure
7). Caving propagated showing a more slab-like type failure in the vicinity of the cave
back (Figure 7-C1). This failure mechanism is referred to as fracture banding (CummingPotvin et al., 2016). An air gap started forming (Figure 7-D1) when the cave back propagated
upwards, but due to the high horizontal stress and possibly the premature cracking at the
top of the sample, an internal collapse of the cave arch occurred. This allowed
material to move downwards as the pistons were retracted further leading to
gradually advancing cave propagation, a more desirable process than the arching which
occurred in the first test.
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Figure 6. First experiment (rigid lateral support) showing respective photos, shear strain and
displacement vector plots.
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Figure 7. Second experiment (increased horizontal pressure) showing respective photos,
shear strain and displacement vector plots.
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5 Conclusions
A study of cave propagation under different horizontal stress conditions, conducted on physical
models on the geotechnical centrifuge at the University of Pretoria, was carried out. It was
found that the likelihood of a self-supporting arch forming in a caving operation increases when
horizontal stresses in the caving material reduces in relation to the vertical stress experienced
by the material. Also, under increased horizontal stress material in the vicinity of the cave back
will break free from the cave back in a more slab like manner, called fracture banding
(Cumming-Potvin et al., 2016) leading to a more gradual cave propagation than under low
horizontal stress where cave propagation might stall due to arching. This information may be
of value when planning future cave mining operations and illustrates that physical modelling in
the geotechnical centrifuge can be used to study factors affecting cave propagation.
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Abstract
In recent years Segmental Block Retaining Walls or SRWs have gained popularity in South
Africa because of these structures’ many advantages: flexibility, aesthetic appeal, cost costeffective construction, maintenance etc. However, failure of these structures are so widespread
and common that an Investigating Committee appointed by the Engineering Council of South
Africa (ECSA) has recently identified SRWs as problem structures after analysing multiple
case studies of failed SRWs to examine possible trends that may influence the poor
performance of these structures. In this paper focus is placed on one of the prominent trends
seen in these case studies, i.e. the use of backfill of sub-standard quality and excessive
percentage fines. Centrifuge model tests were conducted in an attempt to better understand the
influence of backfill grading and quality on the performance of SRWs. Three 1:20 scale models
were tested, each constructed to retain different soil types. The results, observations and
conclusions from the centrifuge tests are presented in this paper.
Keywords: Retaining wall, backfill quality, centrifuge modelling, Chert rubble

1 Introduction
1.1 Segmental Block Retaining walls
In recent years the Segmental Retaining Wall (SRW) has gained widespread popularity across
the world, also in South Africa. This gain in popularity can be attributed to its many advantages
for example cost-effective construction and maintenance, flexibility, aesthetic appeal etc.
Failures of these structures are also common, so much so that an Investigating Committee
appointed by the Engineering Council of South Africa (ECSA) recently identified SRWs as
problem structures. This frequent occurrence of SRW failure is not limited to South Africa:
countries like Korea and Iran also experience this problem.

137

9th SAYGE Conference 2017

1.2 Case Studies
Several case studies were analyzed in an attempt to identify possible common trends and
problems associated with the frequent failures of Segmental Block Retaining Walls (SRWs).
An article was published in the February 2017 edition of the ECSA newsletter, reporting on the
increase in failure of SRWs, or CRB (concrete retaining block) walls as it is referred to in the
article (ECSA, 2017). The number of failures has increased to such an extent that ECSA’s
Investigating Committee now recognizes SRWs as problem structures. ECSA supported an
investigation led by the University of Stellenbosch in which 18 case studies were drawn from
ECSA’s case records and consulting engineers that were involved in these projects. The
objective of the investigation was to identify common trends in the failed cases and determine
if these trends can be the cause of the problems associated with these structures. The 18
structures investigated in the study were situated in three different provinces in South Africa.
The walls were typically between 4m and 8m high with the wall slopes ranging between 60°
and 90° and the retained soil having a slope of not more than 4°. Berea Red sand and residual
Granite (both moisture sensitive soils) were commonly used as backfill in these 18 cases. The
structures commonly failed less than one year after construction. Six of these walls failed in
terms of serviceability, in other words, experienced excessive/unacceptable deformation, while
the remaining 12 walls underwent a total collapse. Construction deficiencies was attributed as
cause of failure to only 4 of the cases while the remaining 14 failed as a result of insufficient
or inadequate design. Many of the gravity walls included in the study failed as a result of water
ingress, contributing to the formation of a slip plane behind, through or underneath the
structure. Some of these walls also exceeded the original design height and experienced
unexpected imposed loads. Internal stability problems were in abundance in the cases where
reinforced SRWs were investigated. This was caused by insufficient reinforcement in terms of
design and installation. In most of the cases, excessive wall deformation and block breakage
were forerunners of wall failure or total collapse. One of the most significant trends identified
in the investigation was the use of any available material as backfill. This often led to a
disregard or assumption of the properties of the backfill such as strength, compactability,
compaction and sensitivity to water ingress in the design process. In some cases the assumption
of incorrect properties could have led to the insufficient design of these structures. Following
the extensive review of these cases, the most important design and construction-related issues
were identified as:
· The use of fine grained or moisture sensitive soil as backfill.
· Insufficient backfill placement and compaction.
· Inadequate groundwater control and sub-soil drainage or water ingress.
· Ineffective management of surface water and surface drainage.
· Complex and misinterpreted design details.
· Poor monitoring of structure performance (serviceability failure).
· Insufficient drawings to be used for construction.
· Unexpected conditions that were not accounted for during the design phase, for example
imposed loads.
· The use of incorrect facing units.
· Poor implementation of reinforcement and soil stabilizers.
· Incorrect design in terms of: assessment of site conditions, reinforcement design,
foundation design and overall stability.

1.3 The Geotechnical Centrifuge
Unlike some materials like steel, the stress-strain relationship of soil is highly non-linear. This
means that in order to obtain realistic results in a physical modelling study, the soil stress in the
model must be adjusted to that in the full-scale structure. This increase in soil stress in achieved
by using a centripetal acceleration induced by a Geotechnical Centrifuge. One of the advantages
of centrifuge modelling is it allows one to observe time related processes, for example
consolidation, at a much faster rate than it occurs naturally (Jacobsz, 2013). Properties of a
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model used in a centrifuge modelling test should be scaled in proportion to a full-scale situation.
The dimensions, for instance, should be scaled linearly. This means that a model built at 1:50
scale of a certain structure should be accelerated to 50 times Earth’s gravitational acceleration
or 50G (Jacobsz, 2013). If a modelling test is done at N x Earth’s gravitational acceleration,
stress and strain behaviour at a depth hm in the model will be identical to the stress and strain
behaviour at depth Hfs, in the full-scale structure where:
!

= " × #$

(1)

Taylor (1995) describes this as the basic scaling law of centrifuge modelling. If the model is N
times smaller than the simulated situation, it must be subjected to N times Earth’s gravitational
acceleration in order to simulate realistic stress distribution in the model. Table 1 lists scale
factors to be used for scaling various physical properties of a model. It is of importance to note
that some properties such as stiffness (e.g. Young’s and shear moduli) do not scale. This makes
it possible for the same material used in the full-scale structure to be used in the centrifuge
model (Jacobsz, 2013).
Table 1. Scaling laws for centrifuge modelling (Jacobsz, 2013)
Property

Scale Factor

Model scale

N

Accelerations

N

Linear dimensions

1/N

Stress

1

Strain

1

Density

1

Mass

1/N3

Force

1/N2

Bending Moment

1/N3

Moment of area

1/N4

Time (consolidation)

1/N2

Time (dynamic)

1/N

Time (creep)

1/N

Pore fluid velocity

N

1.4 Centrifuge Modelling Tests
Three centrifuge modelling tests were done using a 1:20 scale model of a SRW. In accordance
with the basic scaling law of centrifuge modelling, the tests were done at 20G. The model wall
used in all tests was 156mm tall, translating to a full-scale prototype of 3.12m. The models
were constructed inside a model container known as a strong-box, a 250mm spacer was also
utilized.
During the tests a surcharge load was applied to the model using a jack, fixed to the strong-box
(see Figure 1). The surcharge load was increased until the wall had experienced severe
deflection. Water ingress was then induced at the back of the model using the water supply on
the centrifuge, as shown in Figure 2. If the wall did not reach total failure as a result of initial
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loading and water ingress, the surcharge was then increased until ultimate failure was reached
(secondary loading).
A Canon D1000 camera was mounted to the centrifuge and set to capture photos in 6 second
intervals, these photos were used to conduct a Particle Image Velocimetry (PIV) analysis in
order to analyse the deformation characteristics of the wall as well as the behaviour of the
backfill soil while experiencing a surcharge load.

Figure 1. Jack fixed on strongbox

Figure 2. Plumbing on centrifuge

The model walls were constructed using 1:20 scale Löffelstein L300 blocks (see Figure 3).
These scale blocks were however moulded using a plastic compound and thus could not show
realistic behaviour in a centrifuge modelling test due to its light weight. The mass of these
blocks was increased by placing a piece of lead of the required mass inside each block as shown
in Figure 4. Using the scale factor for mass, obtained from Table 1, it was determined that a
piece of lead with a mass of 2.12g was to be added to each block.
10.4mm

15mm
23.5mm

Figure 33. 1:20 Scale Löf
Löffelstein blocks

Figure 4. Lead weights inside model block

The 3 models tested were constructed using the following soil as backfill material:
· Test 1: Clean silica sand from Cullinan, South Africa.
· Test 2: Modified Crushed Chert rubble, sieved to remove particles larger than 4.76mm.
· Test 3: Crushed Chert rubble, unaltered.
The Chert rubble was sourced from a site in Centurion, South Africa and was chosen to use in
testing as this is a common material used as backfill for SRWs and similar structures in the
area. Sieve analysis combined with laser particle sizing was used to determine the Particle Size
Distribution of these three soil types, shown in Figure 5, while the maximum dry densities and
optimum moisture contents were determined using the AASHTO standard test method T18061. Table 2 lists important values obtained from these tests.
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Percentage passing

100
80
Modified Chert Rubble

60
40

Unaltered Chert Rubble

20
0
0.0001

0.01

1

Cullinan Sand

100

Sieve Size (mm)
Figure 5. Particle Size Distribution of soil used during modelling tests

% Fines

Cullinan Sand
Modified
Chert Rubble
Unaltered
Chert Rubble

0.031

0.066

0.131

59.1

1735

8.7

0.011

1.116

3.901

34.1

2125

7

0.025

4.053

10.270

17.5

2044

11

Maxim
um mod
AASHT
O
density
(kg/m3)
OMC
(%)

D90
(mm)

3

D50
(mm)

2

D10
(mm)

1

Descrip
tion

Test

Table 2. Important soil characteristics

The bottom row of blocks in each model was fixed to the bottom of the sealed strong-box to
simulate a perfectly rigid foundation. The models were constructed by dry stacking three
rows of blocks at a time and then placing the backfill and compacting it to 93% of its
maximum mod AASHTO dry density, as prescribed by CMA (2005). Each model wall
consisted of 15 rows of blocks and a wall slope of 15°. The moisture content of the soil used
in Tests 1, 2 and 3 were 8%, 10% and 12% respectively. Figure 6 shows the ruler fixed to
the inside of the strongbox which was used as a scale during PIV analysis. The full
experimental setup is shown in Figure 7.

Figure 6. Ruler fixed to inside of strongbox

Figure 7. Full experimental setup on
centrifuge
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Figure 8. Prepared model inside strong-box

1.5 Computer Simulation
Each model was simulated in full scale using a program GEOLOK which uses the design
method prescribed by the Concrete Manufacturers Association (CMA, 2005) to design newand analyse existing SRWs. The computer models were simulated to carry a full-scale load
which is scaled to simulate the maximum load applied to each model during the centrifuge
modelling tests. These simulations were done to compare the results obtained during modelling
tests to a full-scale design and to check whether the design procedure could be used for safe
design in these situations.

2 Results and Data Analysis
2.1 Initial, dry loading
The average wall deflection at each applied surcharge value was determined using the vector
diagrams obtained from the PIV analysis. The average value of the vectors representing the
wall was determined, after which the photos used in the PIV analysis were then cross referenced
to the applied surcharge. Figure 9 shows the average deflection of the wall in each model
against the applied surcharge load during initial dry loading. Table 3 lists the surcharge loads
applied to each model where excessive deformation was observed.

Figure 9. Wall deflection against applied surcharge pressure for initial, dry loading
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Table 3. Surcharge pressure where excessive deformation was observed

Test

Backfill Soil

Load at which excessive
wall deformation took
place (kPa)

1
2
3

Cullinan Sand
Modified Chert Rubble
Unaltered Chert Rubble

866.6
1377
1182

The Cullinan sand, the soil with the highest percentage fines, showed the greatest deflection
during initial, dry loading. Although the Modified Chert Rubble provided more resistance to
severe deflection at higher surcharge pressures, the Unaltered Chert Rubble, with the lowest
percentage fines, showed the least amount of deflection among the three models for the
majority of initial, dry loading. It can thus be concluded that, for lower end- surcharge loads,
the use of backfill with a higher percentage fines decreased the performance of the SRW in
terms of wall deflection.

2.2 Water Ingress
During Test 1, as a result of insufficient sealant between the spacer and the strong-box, the
water escaped the model and flowed behind the spacer. The water did thus not have any
noticeable influence on the backfill and no water- induced wall deflection was detected.
During Test 2, after only 670 seconds of exposure to water ingress, a water table formed in the
model and resulted in overturning failure of the wall. Figure 10 (a) shows cross sections of the
model as the water table rose, causing the failure of the wall. A PIV analysis was done using
the photos captured during this period but as a result of water ingress, distortion of the soil was
too great and the PIV analysis did not provide usable results.
During Test 3, the water ingress caused a wetting front to move through the backfill. However,
the soil used in the backfill provided sufficient drainage and the wetting front did not influence
the wall. A PIV analysis was done and confirms that the wall did not experience significant
deflection as a result of water ingress. Cross sections of the model showing the development of
the wetting front and the damming of water in front of the wall is shown in Figure 10 (b).

Figure 10. Cross section of models during water ingress a) Test 2 b) Test 3
When comparing the results from Tests 2 and 3, it can be seen that the use of backfill with a
higher percentage fines significantly reduced the performance of the SRW not only in terms of
deformation but also overall stability.
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2.3. Secondary loading
After the water supply on the centrifuge was stopped, the models that did not fail were then
subjected to secondary loading. As the wall in test 2 had already failed as a result of water
ingress, only models 1 and 3 were tested in this way. As with the results obtained from the
initial dry loading, a PIV analysis was done and the average wall deflection was calculated and
crossed referenced to each load. The deflection of the walls in tests 1 and 3 are shown in Figure
11 as a function of the surcharge pressure applied for the second time.

Figure 11. Wall deflection against applied surcharge pressure during second loading
The wall in Test 1 showed much greater deflection than the wall in Test 3, even though the
surcharge pressure applied to the model in Test 3 was much higher. As the Cullinan Sand used
in Test 1 had a higher percentage fines than the Unaltered Chert Rubble from Test 3, the use of
a backfill with a higher percentage fines proved unfavourable to the deformation characteristics
and overall stability of the SRW.

2.4 Comparison to computer simulation
The output given by GEOLOK was in terms of factors of safety (FOS). Table 4 lists the factors
of safety obtained from the simulation, the predicted failure mode and actual failure mode
experienced by the model. It should be noted that, because the foundation in the modelling tests
were fixed, a rigid foundation was assumed and the following output data is not taken into
account:
· Foundation sliding FOS.
· Foundation front pressure.
· Foundation back pressure.
Table 4. FOS obtained from GEOLOK
Block
Sliding
FOS (Nib)

Block
Sliding
FOS
(+Nib)

Predicted
Failure
mode

Actual
Failure
mode

Test

Soil Type

Overturning
FOS

1

Cullinan Sand

0.97

0.57

1.79

Overturning

Overturning

0.95

0.56

1.64

Overturning

Overturning

0.96

0.57

1.66

Overturning

Overturning

2
3

Modified Chert
Rubble
Unaltered
Chert Rubble

144

J. van Niekerk

GEOLOK thus correctly predicted the failure mode in all three tests. In each simulation,
GEOLOK predicted a failure in the full-scale prototype at the load applied to the scale model
when failure occurred. This means that if GEOLOK was correctly used to design the full-scale
models of the models used in these tests, failure would have been predicted and adjustments to
the design would have been made.

3 Conclusions
A physical model, investigating the influence of backfill grading on the performance of a
Segmental Block Retaining Wall was successfully tested in three centrifuge modelling tests
Realistic and repeatable data was obtained during the experiments.
The performance of the SRW was measured by two standards: deformation characteristics and
overall stability. The performance of the models was tested when experiencing surcharge load,
water ingress, and a secondary load after water ingress.
It was found that:
· For low surcharge pressures (<1000kPa), the use of backfill with a high percentage fines
may influence the deformation characteristics of the wall negatively.
· Fine material used as backfill increases the structures moisture sensitivity as coarse material
allow for better drainage.
· Segmental block Retaining Walls using backfill with a low percentage fines also perform
better in situations where a combination of water ingress and surcharge loading is
experienced.
The results obtained when using the program GEOLOK, when compared to results from the
modelling tests, were slightly conservative but sufficiently accurate to predict the model test
results adequately.
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Abstract
SLIDE limit equilibrium software is used to assess the stability of slopes at New Vaal
Colliery. It is often valuable to know the probability of failure at different positions within the
slope, this is done to determine safe working distances from the crests of the pit. Probability
of failure has the advantage of providing a quantified risk, this quantification allows for
management to make decisions regarding slope designs and infrastructure placement.
Using 2 case studies a method was developed for attaining the probability of failure and its
associated factor of safety along a chosen surface or distance away from the crest of the slope.
The “add surface” method comprises of the following steps:
Step 1: Query the required surface in the interpret window.
Step 2: The co-ordinates for the centre and radius of the query are then recorded.
Step 3: In the SLIDE model window, choose add a surface (centre and radius).
Step 4: Enter the co-ordinates of the centre first then the radius.
Step 5: Once the surface is in place, add a focus search point at the top of the surface.
Step 6: Compute the model.
The newly developed method now allows for designs to be optimised whilst remaining
compliant to managerial procedures and guidelines.
Keywords: SLIDE, limit equilibrium, slope failure, probability of failure, factor of safety

1 Introduction
1.1 Setting and Geology
New Vaal Colliery (NVC) was established in 1979 with the aim of suppling low grade
bituminous coal to Eskom’s Lethabo Power Station (Hancox and Götz, 2014). The colliery is
located in Viljoensdrif, it exploits the NE section of the Vereeniging-Sasolburg Coalfield. The
general stratigraphy and lithology of the mine can be seen in Figure 1. Historically the Top,
Middle and Bottom seams have been mined using bord and pillar techniques. The opencast
extraction is done via the strip mining method, which involves the advancement of open pits
or strips.
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This paper will primarily focus on a way to determine safe working distances from these
strips by using the “add surface” method.

Figure 1. General stratigraphy at NVC. Modified after (Hancox & Götz, 2014).

1.2 Slope Stability at NVC
Statistically, circular failures have been identified as the most common failure mode at NVC
(Figure 2), they tend to range in size from 1900 to 150 000 m³. These failures are identified
by a curved surface (Figure 3). This type of failure that can affect both unconsolidated
material and high walls. The mechanical properties and the size of the particles would
determine the characteristics of the circular failure (DeHavilland et al, 2004) e.g. the friction
angle and cohesion. Characteristics such as homogeneity and weathering also play a role,
when individual particles are small in comparison to the size of the slope or when the slope
composition is highly weathered or randomly orientated (Acton, 2015) this can potentially
increase the likelihood of a circular failure.

Figure 2. Recorded significant slope failures at NVC and their failure mode from 2014–2016.
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Figure 3. Typical large scale circular failure of the high wall at NVC, identified by a
characteristic semi-circle outline.
Owing to these historical slope instabilities, various controls were introduced to curb the
incidents which affected both production and safety.
· The implementation of the double cut high wall configuration;
· Subsequent increase in the buffer blasting of the high wall;
· Pre-stripping the soft overburden ahead of mining by truck and shovel operations.
· Numerical modeling to suit the different conditions rather than a generic approach across
the operation.
· The purchasing of 6 slope monitoring radars.
This resulted in every high wall and spoil having a factor of safety and probability of failure
attached to it. The new approach had immediate drastic effects since its implementation with
the last large scale circular failure occurring in 2014. The change in the culture of stability
analysis at NVC by using numerical modeling will be made evident in this paper.

2 Acceptance Criteria at Anglo American Coal SA
The processes and criteria that guide numerical modeling at NVC will be covered below with
emphasis placed on factor of safety and the probability of failure.

2.1 Factor of Safety (FoS)
The FoS is a ratio between the strength and the load of a material and is a deterministic value
as seen in equation 1.
( !") = #

$%&'*+%,

(1)

-./0

The strength portion of the equation is governed by the rock mass strength values, mining
methodology, inspections and errors associated with testing of the samples (Read and
Stacey, 2008). The criteria does not take into account effects of creep, strain softening or any
RWKHUWLPHUHODWHGGHIRUPDWLRQ7KLVFRQFHSWJDLQHGSRSXODULW\LQJHRWHFKQLFDOHQJLQHHULQJ
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during the 20th century (Read and Stacey, 2008). It remains a simple way to attribute
stability to a slope with the shortfalls being compensated for by experience (Johansson,
2009).

2.2 Probability of Failure (PoF)
The concept of PoF was initially somewhat of a contentious issue within the geotechnical
fraternity but has since become a norm in the designing of slopes. The initial issue with PoF
was with the term “failure”, this term can be misconstrued to mean a devastating incident
but in reality it can cover both a calamitous and a nonthreatening event (Duncan, 2000). The
usefulness of the PoF lies in that it can (Read and Stacey, 2008):
· Establish a level of confidence in the design by analyzing the variability in the strength
and load conditions of the slope.
· Scale linearly whereby 20% is twice as great as 10%. The same can’t be said for the FoS.
· Play a role in the calculation of risk: Risk = PoF x Consequence of Failure (Stacey,
2001).
The modeling package uses the Monte Carlo simulation technique. The Monte Carlo method
utilizes random or pseudo-random numbers from probability distributions (i.e. using the mean
and standard deviation of the variables), large values are generated and used in the FoS
calculations (Gibson, 2011).
The PoF as reported from SLIDE (Rocscience, 2010) is defined in equation 2 as the number
of failed analyses compared to the total number of analyses run.
PoF = #

1234/356'4 (7.$89)
1234/356'4#

#:#;<<>

(2)

2.3 Guidelines
The guidelines that govern geotechnical designs along with their acceptable FoS and
tolerable PoF in Anglo American Coal are the in-house Global Technical Guideline 17 (GTG
17) and Operational Management System (OMS) documents. The criteria are summarized in
Table 1 and are derived from Priest and Brown (1983).
Table 1. Design acceptance criterion for Limit Equilibrium Analysis used in
Anglo American Coal. Sourced from OMS.
Slopes
Minimum FoS
Maximum PoF (%)
Low walls
1.1
10
Advancing end walls
1.1
10
Dumps
1.1
10
High walls
1.2
10
Long term end walls
1.2
10
Box cuts
1.2
10
Note: for shallow pits (<50 m overall depth) with an exposure time of < 3 months.

3 Optimization
Using numerical modeling has resulted in a better assessment of the current and future
slopes. The circular failures that now occur at NVC are much smaller than previously
encountered with far reduced consequences. The critical surface is defined as the surface
with the lowest FoS and PoF that will be calculated by SLIDE (Rocscience, 2002).
Historically the PoF was only indicated for the critical surface whereas the FoS is available
for all other potential surfaces using the “query” option in SLIDE. The new method allows
PoF to be calculated for DQ\VXUIDFHRILQWHUHVWQRWMXVWWKHFULWLFDOVXUIDFH
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This is important because the critical surface may be for a small failure volume closer
to the crest which is of little consequence when the real interest is of a more deep
seated failure occurring under important surface infrastructure for example (Figure 4).

Figure 4. Schematic showing the critical slip surfaces and their potential
impact on infrastructure.

4 Methodology
4.1 Material properties
The NVC geotechnical properties database consists of more than 12 years of data from
uniaxial compression, tri-axial, shear, durability and drained direct tests conducted on the
various rock and soil types. The pore water pressure of the soft overburden is represented as
the Ru ratio and ranges from 0.05 (drained disturbed material) to 0.125 (partially saturated
material) (Gundogdu, 2011). Statistical analysis was applied to the property database to
obtain the parameters needed for the numerical modeling (Table 2). These are the parameters
that have been applied in the case studies to follow. In reality the standard deviation is
curtailed such that highly improbable values are discounted e.g. when subtracting 3 x
standard deviation would result in a negative friction angle.
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Table 2. Material properties used in numerical modeling at NVC.
Material

Parameter

Mean

Std. Deviation

In-situ Softs

Cohesion (kPa)

25.00

12.50

In-situ Softs

Friction Angle (°)

31.50

3.10

Floor/Tillite

Cohesion (kPa)

78.00

19.50

Floor/Tillite

Friction Angle (°)

34.00

3.40

Interburden/Siltstone

Cohesion (kPa)

249.00

62.30

Interburden/Siltstone

Friction Angle (°)

44.00

4.40

Coal

Cohesion (kPa)

169.00

42.30

Coal

Friction Angle (°)

40.00

4.00

Dumped Softs

Cohesion (kPa)

25.00

12.50

Dumped Softs

Friction Angle (°)

31.50

3.20

Ru
0.125

0.125

0.125

0.125

0.05

Note: Normal distribution is used for properties.

4.2 Numerical modeling
The primary approach used was limit equilibrium modeling utilizing SLIDE v.6.0, which
predicts the FoS and the PoF for circular failures of the various design configurations. All
limit equilibrium methods utilize Mohr-Coulomb principles to determine the shear strength
along a sliding surface. The Bishop method is used for a circular shear surface, the method
has the following characteristics (Aryal, 2006):
· Satisfies moment equilibrium for FoS.
· Satisfies vertical force equilibrium for N.
· Considers interslice normal forces.
At NVC it was initially determined that the difference between Bishop and the other
methods that can be applied when obtaining the surface are negligible and it is currently
being investigated further. The input of rock mass properties into the modeling program
allows a statistical distribution to be applied. This distribution will account for the
heterogeneity that exists in the rock mass.

4.3 The “add surface” Method
The process flow seen in figure 5 below describes the “add surface” method that will be
conducted after the model has been developed.

152

Y. Arunachellan, G. Priest

The filter is used to
show all surfaces in the
interpret window of the
computed model.

"Query" the required
surface.

Record the co-ordinates
for the centre and
radius of the queried
surface.

Close the interpret
window and open up
the model window.

Choose "add a surface"
icon in the toolbar, the
option that requires a
centre and radius.

Enter the centre then
radius in the command
prompt line.

When done entering
each value, add a
"focus point" from the
toolbar to the surface.

Re-compute the model
to get the FoS and PoF
of the chosen surface.

Figure 5. Process flow for the "add surface" method used in SLIDE.

5 Case studies
5.1 Case study 1
Due to the large volumes of soft overburden that covers NVC, the planning and positioning
of dumping areas remain crucial to coal exposure times. The filling up of previously mined
out areas could potentially result in unstable underfoot conditions for the trucks. The
evaluation of a safe distance for the trucks to tip their loads was of utmost importance to the
safety of the operation. Figures 5 and 6 show the geometry of the planned dump area in the
West Pit.

Figure 6. SLIDE geometry and results for the planned dump area showing the
critical surface from the analysis.
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Figure 7. SLIDE results for the planned dump area showing the surface
of interest/optimal distance for dumping.
The initial critical surface was rejected due to it not meeting the design criteria set out in
Table 3. Further work was done by using the “add surface” method in obtaining the FoS
and PoF at a surface 28 m (determined by trial and error where the FoS is ≥1.2) away from
the crest of the dumping area. At this distance away from the crest the design met the
requirements in the guidelines and the tipping of the material can still occur.
Table 3. SLIDE results for Case study 1, showing the FoS and PoF.
Site

FoS

Ramp 10 (Critical
surface)
Ramp 10 (Surface of
interest)

1.03

Required
FoS
1.2

1.20

1.2

PoF (%)
36.20
5.90

Max PoF
(%)
10.00

Status of
design
Reject

10.00

Accept

5.2 Case study 2
,n the South Pit, the mining domain was quickly approaching the powerlines, the delay in the
removal of the powerline prompted the use of numerical modeling. The aim was to
determine the distance that mining activities should take place without adversely affecting
the powerlines. There were 2 designs submitted for analysis. The first involved the use of a
rope shovel that resulted in the slope angle of the soft overburden to range from 60-70°. The
second design involved the use of track dozers to reduce the slope angle to 35°. The reduced
slope angle design had logistical implications, it would have to involve dozers working in
the servitude and ZRXOGWKHUHIRUHQRWEHORRNHGLQWRLQWKLVSDSHU
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This immediately discounted reducing the slope angle. Figure 7 shows the geometry of the
standard design with the powerlines and servitude range.

Figure 8. Position of the powerline in relation to the mined out void.
The “add surface” method was used to obtain the PoF and FoS of the hypothetical crest
distances from the powerlines shown by Figures 8 and 9 respectively. Management’s
planned decision of mining within 25 m of the servitude was influenced by the time frame
for the powerline removal of ~ 4 months, a risk analysis using the PoF was conducted
factoring in pre-stripping targets and the impact of the failure occurring within the servitude
range of the powerline. After evaluating the distance that the mining domain has to be from
the powerlines. It was then decided that a distance of 30 m would meet both the FoS and the
PoF stipulated in the guidelines.

Figure 9. Relationship between the FoS and the distance of the crest
from the positions of the powerlines.
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Figure 10. Relationship between the PoF and the distance of crests from the powerlines.

6 Conclusion
The “add surface” method has implications to both safety and production at NVC. This
method now allows risk to be viewed in terms of time of the exposure as well as the PoF at
the exact position of infrastructure. The PoF will not yet fully substitute for the FoS but
serves as an aid, the calculation of both enhances the stability analysis associated with
infrastructure (Case study 2) or safe working distances from the pit (Case study 1). In these
specific case studies the pit was already worked out therefore there was no concern of wall
failure impacting personnel or equipment.
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Abstract
The washing of coal produces two waste streams: a coarse residue (discard) and a fine residue
(slimes). In South Africa, a common method to manage these two waste streams is to build
impoundments with the discard and hydraulically place the slimes within. The stability of these
impoundment walls is therefore a major consideration. A key question in analysing the stability
is the position of the phreatic surface, particularly during deposition, when water can
accumulate at the interface between the discard and slimes. In many cases using a steady state
seepage analysis results in an elevated phreatic surface, which is contrary to long-term
observations from standpipe records. A better prediction of the phreatic surface can often be
obtained using a transient seepage analysis. However, the nonlinear nature of the functions
required results in computational difficulties. These computational difficulties are explored.
Keywords: Transient, Unsaturated, Seepage, Convergence, Parametric study

1 Introduction
Failures of the Mt Polley tailings dam, Canada, 2014 and Bento Rodrigues tailings dam, Brazil,
2015, highlight the human and environmental costs that can result from the failure of mine
residue facilities. Mining houses have a responsibility to ensure mine residue is disposed of in
an environmentally sound and safe manner. In South Africa, coarse coal residue (discard) is
commonly used to build ring impoundment into which fine residue (slimes) is placed. This
methodology is termed co-disposal. A facility outside eMalahleni (South Africa) has been in
operation since the late 1970’s and consists of an abandoned slimes compartment and an active
compartment (since the early 2000’s). These compartments are impounded by discard
embankments. The stability of an impounding wall adjacent to a major road was of concern to
the Mine. Two years of standpipe records showed a very low phreatic surface within the
discard. Limit equilibrium assessments of the slope using this phreatic surface showed the slope
to be stable. However, attempts to model the phreatic surface numerically, assuming steady
state conditions, resulted in a significantly more elevated phreatic surface, suggesting stability
was compromised. A prediction of the phreatic surface using a transient seepage analysis was
attempted. However, the nonlinear nature of the functions required for a transient analysis
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resulted in computational difficulties. This paper explores these difficulties and proposes
methods to reduce these computational difficulties.

2 Case example
Standpipe piezometers were installed along two sections with similar profiles (Figure 1) and
monitored on a monthly basis for two years. The highest and lowest recorded phreatic surfaces
are indicated assuming a linear distribution between the standpipe locations. As can be expected
from the coarse nature of the discard the phreatic surface is low. For the stability analysis, the
phreatic surface was assumed to drop linearly from the discard-slimes interface to the highest
recorded surface, emerging at the toe and remaining at the foundation soil surface.

Figure 1. Embankment section: 1. Slimes; 2. Discard; 3. Standpipe; 4. Assumed phreatic
surface; 5. Highest recorded phreatic surface; 6. Lowest recorded phreatic surface; 7.
Standpipe; and 8. Foundation soil
The stability of the slope (Figure 2) was analysed using the Morgenstern-Price limit equilibrium
formulation in SLOPE/W (GEO-SLOPE, 2007b). The strength of the various materials were
modelled with Mohr-Coulomb constitutive relationships (Table 1). Discard and slimes
parameters were determined from historical monitoring and design data Tests pits dug in the
foundation material indicated the site was underlain by medium dense granular transported
material and stiff cohesive residual material. Refusal was at roughly 3.5 m. A single set of
strength parameters was estimated for this material, based on engineering judgement, as the
foundation soil was not expected to influence stability significantly.
Table 1. Mohr-Coulomb strength parameters used
Material

Friction
angle (°)

Foundation soil (3.5 m to refusal)
Slimes
Discard

28
32
35

Cohesion
intercept
(kPa)
0
4.5
0

Figure 2. Adequate factor of safety
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Unit
weight
(kN/m3)
17.0
9.3
15.7
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It was suggested that during slimes deposition, supernatant water at the discard-slimes interface
could elevate the discard phreatic surface. In order to assess this a steady state seepage analysis
was carried out with the saturated hydraulic conductivity of the discard set at 0.001 m/s and
that of the slimes at 10-6 m/s, based on field observations and laboratory testing. Flow in the
foundation soils was not considered, being significantly less permeable than the discard flow
within the foundation would be negligible. The steady state seepage analysis was carried out
with the finite element seepage package SEEP/W (GEO-SLOPE, 2007a). Assuming the pool
(modelled as a 35 m total head boundary condition, i.e. coincident with the slimes level) to be
at the discard-slimes interface resulted in an elevated phreatic surface and an unacceptably low
factor of safety (Figure 3).

Figure 3. Unacceptable factor of safety: 1. Steady state phreatic surface
As such a high phreatic surface was not recorded during the two years of observations, even
with deposition taking place; such a scenario (Figure 3) was judged to be unrealistic.
Consequently, it was proposed to carry out a transient analysis to determine whether a high
phreatic surface could develop. However, this required unsaturated seepage parameters, which
were not available, and considerable convergence issues arose. To understand these
computational issues better a parametric study was undertaken with SEEP/W.

3 Parametric study
A simplified geometry (Figure 4) was used for the parametric study. This simplified geometry
consisted of a 30 m high discard embankment, with a 1:1 upstream slope, 1:3 downstream slope
and 10 m crest. The slimes compartment was at an elevation of 27.5 m. The initial pore pressure
conditions were determined using a steady state analysis, with a 0.3 m deep pool, 2.5 m away
from the discard-slimes interface. A 15-day transient analysis was then carried out with the
0.3 m deep pool reaching up to the discard-slimes interface. The pool boundary condition was
specified as a pressure head and the downstream embankment face as a potential seepage face.

Figure 4. Simplified geometry: 1. Slimes compartment; 2. Discard embankment; 3. Extent of
pool to determine initial pore pressure conditions; and 4. Extent of pool for transient analysis
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In order to carry out a transient seepage analysis two nonlinear functions need to be defined for
each material. These are the soil water characteristic curve (SWCC) and the hydraulic
conductivity function (HCF). Both SWCC and HCF can be determined by laboratory tests,
however HCF are far harder to determine than SWCC, it is therefore more typical to predict
HCF from SWCC (Fredlund & Rahardjo, 1993).
Regression curves are fitted to experimental SWCC data and these continuous curves are then
used for transient seepage modelling. Fredlund and Xing (1994) presented such a regression
equation to model the SWCC:
=

0
#
! "$%&['()*/+,- ] .

(1)

where θ is the volumetric water content at a given matric suction (ψ), θ s is the saturated
volumetric water content and a, n and m are three fitting parameters. SWCC were estimated
using Equation 1.
HCF were estimated from SWCC using the Fredlund et al. (1994) method. The Fredlund et al.
(1994) method predicts the reduction in hydraulic conductivity (k), from the saturated hydraulic
conductivity (k sat), with increasing ψ by integrating along the SWCC. For the slimes one HCF
(ksat = 10-6 m/s) was used based on one SWCC (a = 5 kPa, n = 2, m = 2 and θs = 0.3). For the
discard HCF and SWCC, one parameter was changed at a time (only HCF shown for brevity
in Figure 5) with the following controls: a = 5 kPa, n = 2, m = 2, θs = 0.3 and ksat = 10-3 m/s.
For each combination, five analyses were carried out. Fifteen exponential time steps were used
with an initial time increment of 3600 s for all analyses.

Figure 5. Hydraulic conductivity functions used in parametric study: a) variation in ksat only;
b) variation in a only; c) variation in n only; and d) variation in m only
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In addition to the sensitivity of the analysis to k and nonlinear function shape, the sensitivity of
to time steps was also explored. Although time steps and mesh size are related (GEO-SLOPE,
2010) a constant mesh was used for all analyses. The mesh used was unstructured and based
on quadrilaterals and triangles with an average global mesh size of 3 m. Two extreme HCF
were used to explore the effect of time steps (Figure 6a). Exponential time steps were used
based on six combinations of number of time steps and initial increment size (Figure 6b).

Figure 6. Time step study: a) Extreme hydraulic conductivity functions considered;
and b) time step and initial increments sizes used.
The default gauss point conductivity difference convergence criteria suggested in SEEP/W was
used. This is based on computing the percentage of gauss points that have a conductivity within
a specified tolerance (GEO-SLOPE, 2010):
12345627&8699:;:7<:&)>, = "? @ A

BCDEDFD
BCDED
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(2)

where #G.P.C. is the number of gauss points converged and #G.P. is the total number of gauss
points. The specified criteria was to reach a solution difference of 0.01 % (i.e. the tolerance),
however if this was not reached in 500 iterations the next step would begin. In general, if the
specified tolerances were not reached in 50 – 200 iterations the solution would not converge.
In order to compare analyses an average pore pressure coefficient (Ru) was calculated for each
analysis:
J

IJ =
KL

(3)

where u is the pore pressure, γ is the bulk unit weight and h is the height of soil above the point
at which u is measured. Whilst similar to the pore pressure coefficient proposed by Bishop and
Morgenstern (1960) a simpler averaging method was used in this study. Pore pressure values
along the base of the downstream side of the embankment were extracted at 3 m intervals.
These pore pressures were divided by the height of embankment at that point and multiplied
by γ (= 20 kN/m3). The average of all these values was then calculated.

3.1 Sensitivity to hydraulic conductivity and shape of nonlinear functions
Results from the study on sensitivity to k and function shape are given in Figure 7. This figure
plots the changing parameter along the x axis and the resulting Ru factor on the y axis for both
the steady state analyses and the transient analyses.
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Figure 7. Analysis sensitivity to changes in discard: a) saturated hydraulic conductivity;
b) a parameter; c) n parameter and d. m parameter
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Considering Figure 7a, when discard and slimes k sat was the same (10-6 m/s) the steady state Ru
factor shows an elevated phreatic surface. This is to be expected, as the cross section is
homogeneous, as k sat is the same in both materials. It is only when discard ksat starts to increase
that a depressed steady state phreatic surface results (i.e. low Ru). As the steady state is based
on the pool being 2.5 m away from the discard-slimes interface, the flow passes initially
through the slimes and flow lines are then refracted at the interface due to the greater
permeability of the coarse discard. Although the refraction increases as discard k sat increases,
when ksat > 10-3 m/s the effect of this refraction has little bearing on the solution as Ru becomes
essentially constant. Convergence was good for all the steady state analyses, as the R u values
from the five analyses are the same (i.e. they plotted on top of each other).
Considering again Figure 7a, when discard and slimes k sat was the same the transient Ru value
was essentially the same as the steady state value – the change in pool position not having a
significant effect. This was also the case for discard ksat = 10-5 m/s. As discard ksat increased,
the effect of the change in pool position appears to be an elevation in phreatic surface (i.e. R u
increases). However, the increasing scatter in Ru values also indicates that the five analyses
resulted in different phreatic surfaces showing that a converged solution was not being reached.
Figure 7b shows that changing the Fredlund and Xing (1994) a parameter (this can be
considered as the air entry value of the material) had a negligible effect on convergence.
Looking at Figure 6c, the Fredlund and Xing (1994) n parameter (this can be considered as the
slope of the curve before the air entry value) also had a negligible effect on solution
convergence. Figure 6c does suggest that when n is between 2 and 3 convergence is better (i.e.
less scatter), this is likely fortuitous based on the limited number of repeated analyses. Looking
at Figure 6d, the Fredlund and Xing (1994) m parameter (this can be considered as the slope of
the curve after the air entry value) also had a negligible effect on solution convergence. The
apparently good convergence at m = 0.5 may be due to the flatter HCF curve (see Figure 4d)
but it may also be fortuitous due the limited number of repeated analyses.
It can be concluded from Figure 7 that the convergence of the solution is most sensitive to the
ratio of ksat between the discard and slimes. The nonlinear shape of the SWCC and HCF appear
to have a negligible effect on the convergence. One can therefore expect considerable
convergence issues when carrying out a transient analysis with materials where the ratio
between ksat is greater than 1000.

3.2 Sensitivity to time steps
Figure 8 shows that convergence is dependent on the number of time steps. It is clear that the
scatter in solutions decreases significantly as the number of time steps is increased. Although
the scatter in results reduces, none of the solutions reached the set convergence criteria. Perhaps
contrary to intuition the solution based on the steeper curve (Figure 8b) appeared to converge
better than the flatter curve (Figure 8a).
Whilst convergence did not appear to be significantly influenced by curve shape, the solution
is dependent on the curve shape. For the flatter HCF curve (Figure 8a) the phreatic surface at
the end of the 15-day period is low, whereas for the steeper HCF curve (Figure 8b) the phreatic
surface at the end of the 15-day period is high.
An understanding of the flow behaviour can be developed by considering the change in R u
values during the 15-day period (see Figure 8). Initially the phreatic surface increases (i.e. R u
increases) as water flows into the discard at the discard-slimes interface. A peak is reached and
then decreases for the flatter curve (Figure 8a) but remains constant for the steeper curve
(Figure 8b). Figure 9 shows the pore pressure distributions for the two scenarios at the peak Ru
values shown in Figure 8. In both cases, an unsaturated zone connects the water source (i.e.
pool at discard-slimes interface) and the elevated phreatic surface.
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Figure 8. Analysis sensitivity to changes in time steps: a. Flat curve; and b. Steep curve

Figure 9. Analysis sensitivity to curve shape for 480-time step analysis
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Figure 10. Pore pressure distribution at peak Ru value: a) flat curve; and b) steep curve
By extracting the pore pressures (negative values are suctions) and corresponding hydraulic
conductivities along a vertical line directly below the discard-slimes interface it is possible to
appreciate these unsaturated flows. Figure 11a shows the minimum and maximum pore
pressure values for the two curves (Figure 6a) over a 1-day period after the respective peaks in
Ru (Figure 9). Likewise, Figure 11b shows the minimum and maximum hydraulic conductivity
values for the two curves (Figure 6a) over a 1-day period after the respective peaks in Ru (Figure
9). These values were extracted from respective 480-time step analyses.

Figure 11. Pore pressures and hydraulic conductivities on a vertical line below the discardslimes interface (see Figure 10 for locations)
Considering first the suctions for the steep curve shown in Figure 11a, it is evident that only
small suctions result and consequently k remains more or less at 10 -3 m/s (Figure 11b), as the
HCF is horizontal at these low suctions (Figure 6a). This is reflected in minimum and maximum
k remaining around 10-3 m/s in Figure 11b, the scatter here is an indication that convergence
has not been achieved. The unsaturated zone is therefore able to maintain flows into the
saturated zone to maintain the high phreatic surface (constant and high Ru) shown in Figure 9b.
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Conversely for the flat curve, the small suctions that initially develop in the unsaturated zone
(Figure 11a) results in k reducing as the HCF curves down at these low suctions (Figure 6a).
As k drops, flow in the unsaturated zone is unable to maintain flow into the saturated zone and
the high phreatic surface cannot be maintained and subsequently drops. This increases suctions
and further decreases k. However, saturated pockets are able to develop intermittently and flow
down to recharge the phreatic surface. This is responsible for the fluctuating Ru values in
Figure 9a. This dynamic situation is also the reason for the greater convergence issues for the
flat curve (Figure 8a). This latter behaviour is likely to occur within the discard as it has a very
low air entry value and so its HCF will curve down at very low suctions.

4 Conclusions
This paper explored the computational difficulties associated with the transient modelling of
unsaturated seepage flows in materials with large differences in saturated hydraulic
conductivity values. This is of particular importance when predicting the phreatic surface in
the embankments of co-disposal coal residue deposits commonly used in South Africa.
A parametric study found that solution convergence becomes increasingly difficult when the
ratio between the saturated hydraulic conductivity of the two materials exceeds 1000. The
actual shape of the nonlinear functions (hydraulic conductivity function and soil water
characteristic curve) required for the transient analysis did not appear to influence convergence
significantly. However, of key importance is the number of time steps used in the analysis.
Whilst a number of time steps were tested convergence was not achieved and further work is
necessary to explore what influences the minimum number of time steps required.
Whilst the convergence criteria stipulated was not achieved, a common solution was being
approached. This indicated that the phreatic regime in the discard embankment was controlled
by an unsaturated seepage zone that connected the pool with the saturated phreatic zone. For
materials in which the hydraulic conductivity drops at low suctions flow into the saturated
phreatic zone cannot be maintained and a low phreatic surface results. However, if the saturated
hydraulic conductivity remains at high suctions a high phreatic surface can be maintained.
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